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ABSTRACT

Eight reinforced concrete beam—-column joint subassemblages
were tested to investigate the influence of floor members on their
response under large cyclic load reversals. The tests were divided
into three series. The first dealt with specimens with different
framing beam sizes; the second with specimens with floor slabs; and
the third with a comparison between interior and exterior Jjoints.
The intent was to clarify the effect of different floor member sizes

and shapes on the behavior of these subassemblages.

Typically the subassemblages were 13 ft. high and consisted
of four 13 in. by 18 in. ©beams framing into a 15 in. by 15 in.
column. They were intended to represent a beam-column joint in the
bottom stories of a moment resisting frame. The structural
components between the midheight of adjacent floors and the points of
inflection along the beams were modelled. The subassemblages were
subjected to a severe load history consisting of 3 cycles at drifts
of 2%, 4%, and 6%. The loads were applied biaxially simultaneously,
and were intended to model the worst loading condition to be expected

from a major earthquake.
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The tests showed that the framing beam geometry and the
presence of a slab can have a significant influence on the behavior
of beam-column joints. Most of the specimens tested exhibited severe
stiffness and strength degradation with cyeling. This was more
pronounced 1in specimens with very narrow beams and without slabs.
The test proved that the shear strength of beam-column joints is very
high, and that in general, flexural considerations should govern
their design. The severe bond deterioration and yield penetration
observed in most tests proves the need for striet anchorage

requirements for beam-column joints.

A design approach was developed to integrate the parameters
found by this and other experimental studies to be important in
moment-resisting frame design. The design approach, still under
development, leads to frames with wide beams with low reinforcement

percentages and to flexurally strong columns.
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Chapter 1

Introduction

The damage to large population centers caused by earthquakes
during the past two decades has sparked a growing concern with
seismic design and seismic safety. Earthquakes such as those that
destroyed Tangshan (1976), Guatemala City (1976), and Managua (1972)
and damaged the San Fernando Valley (1971) have yielded very valuable
information to researchers and engineers on the behavior of
reinforced concrete structures under seismic loading. However, there
are still many areas of earthquake engineering whefe there is no
consensus among experts as to the best analytical and design

procedures [12, 85].

One of these areas is the analysis and design of beam-column
joints 1in reinforced concrete moment-resisting frames [78, 54].
While a large amount of research has been carried out in this area in
the past 10 years, design recommendations based on the research vary
substantially from one study to another. There is disagreement as to
the basic mechanism controlling the transfer of forces across a joint
as well as to the relative importance of the parameters to be used in
design. As will be discussed later there are valid reasons for such

discrepancies.



The experimental work reported herein will not resolve the
contradictions mentioned. In this study the results of tests on
seven full-scale reinforced concrete beam—-column Jjoints will be
discussed. A summary of the state-of-the-art in beam-column joint
design as well as the experimental data will then provide the

background for the derivation of new design guidelines.

1.1 Background

The explosive growth of urban areas in developing countries
and the soaring prices for prime real state in industrialized nations
have created a strong demand for highrise buildings. While the
design of such structures for gravity loads presents few problems,
their design for lateral 1loads (wind, earthquakes,etc.) is a
completely different and infinitely more complex task. With recent
seismic rezoning, 1large parts of the U.S. which were previously
considered to be seismically safe have been upgraded to low or
moderate intensity zones. This has made seismic design and seismic
retrofitting a very important consideration in areas where previously

no earthquake design or analysis was necessary.

To withstand large lateral loads without appreciable damage,
buildings need strength and energy-absorption capacity. In the
design process, this need for stiffness and ductility has to balanced

against economic constraints. Different framing schemes, or



structural systems, are wusually examined before a satisfactory
solution 1is reached. For the case of earthquake 1loading a
satisfactory solution will be determined only when the building is
subjected to actual ground motions., It can seldom be decided
analytically because the effect of non-structural components on
overall structural response cannot be accurately modelled and the
actual ground motion will not be known.

]

1.2 The Moment-Resisting Frame

After the San Fernando earthquake (1971), researchers and
engineers in the U. S. Dbecame concerned with the inability of some
common structural systems to dissipate seismic energy without
suffering considerable structural and non-structural damage. Spurred
by dramatic failures such as that of the Olive View Hospital, the
engineering profession began to look for ways of improving existing
systems and to experiment with new ones. Among the former, the
"strong column-weak girder" design philosophy for the c¢lass of
structures known as ~moment=resisting -~ frames ~gained ~widespread
acceptance. In moment-resisting frames all the lateral deformations
caused by an earthquake are taken by the frame, without the help of
shear walls or other lateral bracing. As shown in Fig 1-1, if a
moment-resisting frame is subjected to a small earthquake, the
deformations in the members will be primarily elastic and only

limited yielding would be expected. If subjected to a very strong
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earthquake, on the other hand, the building will have to absorb and
dissipate some energy to avoid a brittle failure. Energy absorption
can be provided by detailing the structure such that plastic hinges
occur in the beams in the vicinity of the Joints and the lower story
columns, as shown in Fig. 1-2. Rotations in the plastic hinges
provide the necessary energy-dissipation mechanism without
significant damage to the gravity 1load carrying capacity of the

structure.

A key to this design philosophy is that, except for the

hinges which must form at their bases, the columns should remain
essentially elastic throughout the earthquake so that neither
appreciable stiffness nor strength degradation can occur. If this
cannot be prevented the building will collapse because of the
instability due to P-delta effects. The beam-column connection, or
joint, is an integral part of the column and thus must remain elastic
even though very large forces are transmitted from the beam into the
column, The Jjoint thus becomes the key structural element for

satisfactory performance in moment-resisting frames.

1.3 The Joint Problem

Prior to 1970 the design of connections 1in reinforced
concrete structures subjected to seismic actions received 1little

attention. Most designers considered the joint to be infinitely



strong, and thus to have non-deteriorating strength and stiffness.

With improved construction details for beams and columns based on
experimental and analytical research, it became obvious that the
joint was a weak link in the structure, While beam and column
members can be detailed to perform well during earthquakes, there is
a lack of information on connecting the members so that the
assemblage behaves well also. A free-body diagram of the area near an
interior beam-column joint (Fig. 1-3) shows that if plastic hinges
are to be formed near the joint, large flexural forces in the beams
result in very large shear and bond stresses through the joint.
Anchorage conditions may be critical if it is assumed that the bars
have to be in tension on one side of the joint and compression on the

other for the energy dissipation mechanism to perform satisfactorily.

Tests have shown that for typical joint details used today
the anchorage length available in the joint region is insufficient,
and thus bond deterioration will occur [107, 12, 11]. If we further
assume that under a severe earthquake a building can undergo several
large cycles of reversed loading, it becomes clear that +this bond-
deterioration can result in slippage of these bars through the joint.
If the bars begin to slip through the Jjoint, the stiffness of the

system is reduced considerably, and thus instability can follow.

Moreover, the bond stresses are transferred as horizontal

shear to the joint, resulting in very large shear stresses . If we
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consider that the nominal shear strength of concrete in beams is only
between 2 and 41E:c, and that the typical joint can receive anywhere
from 5 to 10 times that amount under a severe earthquake , it is
obvious that shear strength deterioration must also occur, unless

completely different force transfer mechanisms are involved.

The primary effect of the loss of bond and shear strength is
a significant loss of stiffness of the overall system. A reduction
of stiffness produces a large increase of the natural period of the
structure, substantially changing the magnitude of the forces and
deflections to be expected. The building becomes damaged as the
earthquake progresses and 1is required to absorb 1less energy.
Inclusion of this phenomenon results in a rather complex analytical
problem that is handled in design through the use of elastic and
inelastic response spectra. Designing for a coﬁstant period
structure in the region of greatest amplification in theA spectrum

will yield a conservative solution.

A large number of tests on beam-column joint subassemablages
have been conducted in the past 10 years. Most of these tests were
carried out on planar specimens without floor slabs and with beam
sizes very similar to the column size. Tests on planar specimens
clarified the importance of adequate transverse reinforcement and
anchorage of bars through the joint. However, the restraint on the

boundaries of the joint provided by floor members in the orthogonal



plane and by a floor slab have not been adequately explored. The
effect of biaxial 1loading on Jjoint behavior is another area where
research 1is needed to clarify the parameters to be used in their

design.

The lateral restraint provided by the floor system 1is the
main subject of this dissertation. A review of past research will be
presented and existing code provisions discussed. The experimental
work conducted in this investigation will be described. The
influence of shear, bond, and lateral restraint on the behavior of
the specimens will then be examined. Finally, the results of this
project, as well as those of other tests reported in the literature,
will be used to develop a design approach in which the requirements
for acceptable joint performance are considered at the same time that

the main structural members are proportioned.

1.4 Objectives

The objectives of this dissertation are:

- To report on the behavioral aspects of a test series aimed
at clarifying the effect of 1lateral restraint from the
floor system on beam-column joints.

~ To analyze the influence of shear and bond deterioration on
the stiffness and strength of the subassemblages tested.

-~ To examine the applicability of models based on response of
Jjoints in planar frames to the response of joints in a
three-dimensional floor systemn.



- To develop an approach to integrate the requirements for
acceptable Jjoint performance 1in moment resisting frames

into the initial proportioning of the main structural
members.

10



Chapter 2

Review of Past Research and Practice

2.1 Review of Past Research

A large amount of research has been carried out in the area
of beam-column joints during the past 15 years mainly in the U.S.
(UC-Berkeley, UM-Ann Arbor, and UT-Austin), in New Zealand {(U. of
Christchurch, U. of Auckland),in Canada ( U. of Toronto), in the
U.3.5.R. and in Japan. Some of the specimens used in these studies
are shown schematically in Fig. 2-1. Unfortunately, the experimental
data from Japan and the U.S.S.R. is not widely known because of it
has not been translated into English. In Japan much of the research
has been carried out by private construction companies and is not
reported in the technical 1literature. A summary of most of the
available data is found in Zhang and Jirsa [114], and is reproduced
in Appendix F. All the tests to be discussed here refer to planar

joint specimens loaded uniaxially unless otherwise specified.

"
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2.1.1 Research in the U.S. and Canada

The first studies in the U.S. on the behavior of beam-column
joints were carried out at the U. of Illinois in the early 1950's by
McCollister et al. [61], and in the early 1960's by Burns et al.

[22]. Both of these studies were conducted on beam specimens with
column stubs, and were aimed at determining the strength and

ductility characteristics of beam-column joints.

The importance of proper detailing for these elements was not

fully appreciated until the work of Hanson and Conner
[41, 42, 43, 28] in the 1late 1960's . Those studies were aimed
primarily at insuring the ductility of members using Grade 60 steel,
and at finding suitable design methods for members under earthquake
loads. Their studies consisted of 16 tests on exterior and interior
joints, and the variables studied included column 1load, amount of
joint reinforcement, and material properties. All the specimens
failed flexurally in the beams, and showed that transverse joint
reinforcement was necessary if the members were to perform
satisfactorily. ‘Detailing for shear, anchorage, and confinement were
clearly the keys to satisfactory behavior. Hanson and Conner
advocated extending the beam shear equations to beam-column joints

since very little data was available on actual joints.

Additional data became available in the early 1970's through

the work of Meinheit and Jirsa at the U. of Texas at Austin
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[48, 49, 50, 51, 52, 53, 11. A series of of 14 full-scale Jjoints
were subjected to severe cyclic loads; the tests were aimed at
defining the shear strength of the concrete in the joint area and
developing realistic design recommendations. The main variables used
were column 1load, Jjoint reinforcement; lateral beam size, column
size, load history, and concrete strength. Diagonal cracking in the
joint occurred early in the load history and could be predicted by
existing beam shear equations. However, the shear at diagonal
cracking was found to be a poor indicator of ultimate Jjoint shear
strength. It was found that the ultimate shear strength of the joint
was about twice that of its cracking strength, and that it was
significantly different from that of a beamn. The main factors
affecting shear strength were found to be column 1load, joint
reinforcement, and the restraining effect of lateral beams. An
increase in any of these parameters resulted in higher shear
strengths; the increase, however, was not linear. The main
conclusion with regard to cyclic loading was that the contribution of
the concrete to the shear strength decreased as cycling progressed.
The joint reinforcement was unable to assume the additional load and
the shear capacity decreased. On the basis of this test series new
recommendations for joint design were developed by a Joint ACI-ASCE

committee, and they will be discussed in Section 2.3.1 .

The work of Jirsa and Meinheit, which dealt with interior

joints, was complemented by that of  Uzumeri and Seckin
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[105, 106, 89, 90, 91] at the U. of Toronto. They carried out a
study of 17 exterior joint specimens, in which column load, Jjoint
reinforcement, and anchorage details were the main variables. It was
clear from these tests that bond deterioration could lead to very
unsatisfactory behavior. The anchorage of beam bars into exterior
columns was clearly shown to be a problem since typical element
dimensions did not allow for adequate anchorage. The tests pointed
out that joints cannot be analyzed as rigid members, and that joint
deformation is undesirable. It confirmed that the largest drop in
shear strength and stiffness occurs between the first and second
cycles at any deflection level, and that a conservative lower bound
to stiffness and strength could be given by the envelope provided by

the second cycle.

Most recently, work in this area has been conducted at UC-
Berkeley by Bertero et al. [13, 96, 36, 107, 108, 10, 79, 80, 811,
and at UM-Ann Arbor by Wight [29, 31, 88, 58, 59]. 1In the Berkeley
tests, bond and anchorage in the joint region were shown to be the
critical problems for beam-column joints, and it was clearly shown
that slippage of the bars through the joint can cause very large
concentrated inelastic beam rotations at the column faces. A Joint
model was derived from the test results, and a computer program (ZAP)

[95] was calibrated to predict the behavior of beam-column joints

subjected to earthquake loads.
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With the exception of the some tests conducted by Bertero,
most of the tests carried out in the U.S. have indicated some
stiffness and strength losses with cyeling. The prevalent view is
that while stiffness and strength deterioration are undesirable, some
must be allowed in order to keep the size of the Jjoint and the

volumetric shear reinforcement at practical levels.

2.1.2 Research in New Zealand

A large amount of research has been carried out in New
Zealand, primarily by the group led by Park and Paulay [72, 77]. The
focus of the research in New Zealand has been to develop and test
design details to 1improve joint behavior, with the intent of

obtaining joints with non-deteriorating stiffness and strength.

In one series at the U. of Canterbury , thirteen full-scale
exterior and interior joints were tested. The main variables were
the column load and the joint reinforcement details. The tests dealt
with general behavior characteristics of exterior [87] and interior
joints [82, T4, 75] and 1included consideration of Joints in the
elastic range [15] ; prestressed joints [16, 56]; the use of anchor
blocks in exterior joints [62]; the relocation of plastic hinges away
from the joint [21]; biaxially loaded interior joints [9]; and joints

with low levels of axial load in the column [94].

All the studies showed that it is possible to detail joints
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to perform well under extreme seismic loads. The keys to
satisfactory behavior are maintaining the joint in an uncracked state
as long as possible by partial prestressing, by low shear and bond
stresses, and by providing sufficient joint reinforcement. Through
the use of Grade 40 steel, small diameter bars, large anchorage
lengths, mechanical anchors, etc., favorable bond conditions can be

developed, and deterioration due to bond problems kept to a minimum.

The tests by Park and Paulay, and those conducted by Fenwick

[33, 34] and Blakeley [16, 17, 18, 19, 20], have been the basis for
the development of the requirements for joints now present in the
N.Z. concrete code [97]. The tests were interpreted to indicate that
the contribution of the concrete to the shear strength of the joint
was uncertain when hinging occurred at the column face, and should
therefore be disregarded in design. It was also shown that the use
of details such as welding additional bars through the Jjoint and
welding anchor plates to the bars limit slippage of the bars and thus

{

markedly decrease the loss of stiffness and shear strength .

2.1.3 Other Research

As mentioned before, a large amount of data concerning beam-
column joints has has become available due to work conducted in
Japan. A good summary of this data can be found in Zhang and Jirsa

[115]. The tests of Ohwada [70, 71] dealt mostly with the effect of
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lateral beams, those of Hamada and Kamimura [39, 40] dealt with the
applicability of the strut mechanism to Jjoints, and those of
Ishibashi [45, 46, 47] dealt with the effect of large reinforcement
bars. The Japanese results confirmed the importance of adequate bond
provisions as well as the importance of accounting for the lateral
restraint effect provided by side beams. Other important research on
beam—-column joints has been carried out in Japan by Bessho [14],
Higashi [44], Kokusho [57], Nakada [66], Ogura [69], Sekine [93],
Tada [100], Minami [63, 64], Wakabayashi [109], and Yamaguchi

110, 1111,

Additional research has been carried out by Bychenkov in the
U.S.S.R. [23]; by Taylor [103], Swan [99] and Balint [8] in the U.K;
by Calcerano [24] in Italy; by Nilsson [67] in Denmark; by Gavrilovie
in Yugoslavia [38]; by Carvalho in Portugal [25]; by Tassios et al.

in Greece [102]; and by researchers in the People's Republic of China

[831.

Some analytical work has also been conducted in an effort to
model beam-column joints and their deteriorating behavior. Among
them the works of Riddel [84], Saiidi [861, Takizawa [101], Gates

[37], Moss [65], Edgar [30], Soleimani [95], and particularly
Fillippou [35] and Noguchi [68] represent the most successful

attempts.



2.2 Shear Strength of Joints

2.2.1 Factors Affecting Joint Performance and Shear Strength

19

The research described in the previous paragraphs has led to

the identification of the most important variables affecting shear

strength of beam-column joints. Among them are :

1.

The amount of joint reinforcement : It has been shown that
transverse column hoops surrounding the joint core are
necessary to maintain the shear strength capacity, or at
least to decrease its rate of deterioration. The
relationship is not 1linear, and there is evidence that
there is an upper 1limit to the effectiveness of joint
reinforcement.

The effect of lateral beams : Tests have shown that joints
with lateral beams framing from the unloaded direction
behave better than planar Jjoints. It has been speculated
that the larger the area of the joint covered by passive
members, the larger the shear capacity of a joint.

The effect of column axial 1load : Originally this
parameter had been thought to be very important in Jjoint
behavior. It has been shown, though, that the effect of
axial load is not significant wunless very large
compressive stresses are present. Since most columns
designed for earthquake resistance are generally loaded
below the balance point, and possibly might go into
tension if the drifts are large, this parameter has become
less and less significant for design purposes.

The effect of anchorage : This is of particular importance
for exterior joints, where hooks are needed to anchor the
beam bars into the column. Adequate anchorage must be
provided, since pullout of the hooks can constitute a
failure mechanism for this type of Jjoint. The case for
anchorage can be extended to interior joints, where it is
necessary to go from tension in one side of the joint to
compression on the other over a very short distance. It
can be shown that most joints designed today do not meet
current development lengths requirements.
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5. The bond conditions : This refers to the size and cover of
the longitudinal reinforcement in the beams and column;
the 1larger the bars used the more severe the bond
requirements, and thus the longer anchorage length needed
in the joint core.

6. The material properties : It has been observed that the
higher the compressive strength of the concrete the higher
the shear capacity of a joint , all other variables being
equal. Once again, this is not a linear relationship and
more work 1is needed in this area. The strength of the
reinforcement is also important, since the use of Grade 40
steel can reduce the bond requirements significantly from
those of Grade 60 steel.

7. Others : Some investigators [12] have proposed that
geometric ratios, such as the depth of the beam vs. depth
of the column or the beam bar diameter vs. the column

depth are important parameters and should be considered
when formulating codes.

To understand the importance of the variables, the mechanisms

of shear transfer across the joint must be examined.

2.2.2 The Concrete Strut

Two main mechanisms have been proposed to account for the
shear transfer across the joint. The first is labelled the "concrete
strut" because a band of concrete carrying compression is formed
between diagonally opposite corners of the joint. The joint shear
corresponds to the horizontal component of that strut, see Fig 2-2.
The formation of a strut depends on the presence of favorable end
conditions, that is the presence of equilibrating compressive forces
in the adjoining columns and beams. As shown in Fig.2-2, the

orientation and size of the strut are hypothesized to depend on
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whether the beam or the column are hinging at any particular moment.
It must be noted that when a beam yields ér when the beanm
longitudinal bars slip, cracks form at the face of the joint; the
width of those cracks will depend on the magnitude of drift of the
structure. Conceivably, the cracks could be wide enough that they
will not close instantaneously upon reversal of the load. Thus the
compressive blocks shown on the beams would not be present at certain
times during the load history and the efficiency of the strut
mechanism could be impaired. The factors affecting the performance
of a strut are the amount of Jjoint reinforcement, the bond
requirements, and whether the beams are hinging at that point in the

load history.

2.2.3 The Panel Truss Mechanism

The other mechanism proposed for the transfer of shear across
a joint is the panel truss mechanism, see Fig. 2-3. The panel truss
mechanism was formulated to account for cracking of the concrete as
the loading progressed; it was felt that when the concrete in the
joint area cracked severely, a strut mechanism could not be
sustained. In this case, shear must be transferred by a series of
smaller inclined struts, which were held in place by the horizontal
forces in the joint hoops and the vertical forces provided by
additional vertical reinforcement. A major drawback of this theory

is that it would seem to require the presence of vertical as well as



Figure 2-3

: The panel truss mechanism
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horizontal hoops to confine the joint. It has been shown that the
intermediate bars in the column can be used to provide this same
function. The factors affecting this mechanism are the amounts of
horizontal and vertical joint reinforcement , and the column axial

load.

If the intermediate longitudinal bars in the column and the
joint hoops in the joint can be counted to form a small truss
mechanism, the main 1longitudinal reinforcement in the beams and
column will also be able to act as a truss. It is very hard, if not
impossible, to separate this contribution to joint shear strength.
In the past investigators have disregarded this additional truss
mechanisms, whose contribution can be very large if the joint
reinforcement is small and the 1longitudinal beam and column

reinforcement is large.

Both the concrete strut and the panel truss mechanism are
feasible in a joint loaded by seismic forces, and probably the two
mechanisms work together to transfer the horizontal shear load across
the Jjoint. Efforts to isolate the contribution of each have not
proved successful for two main reasons. The first is the lack of a
reliable technique for measuring concrete strains, particularly
strains in the confined core or on the cracked surface of the
concrete. The second has to do with limited ability to differentiate

between the levels of strains in the joint reinforcement due to axial
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extension created by horizontal shear and those due to local bending
created by bulging of the joint core. Thus the contributions of the
steel and the concrete to the shear strength of the joint are not

clear.

It should be noted, however, that the large differences in
the design procedures to be examined next stem from the different
emphasis given to these mechanisms. The New Zealand tests, with
their excellent bond conditions, show no significant slip or bond
deterioration. If no bond deterioration is present, and if the
amounts of top and bottom steel present in the beams is unequal, it
is possible that the cracks at the joint-beam interface might not
close completely when the loads are reversed. Thus the steel in the
beams might go from yielding in tension on one side to yielding in
compression on the other. In this case the beam compressive blocks
are not present, and the efficiency of the concrete strut mechanism
is impaired; thus, the New Zealand design procedures require large
amounts of joint transverse steel so that a truss mechanism able to
carry the full shear load can be developed. The U.S. and Canadian
tests, on the other hand, show some bond deterioration and some bar
slip. As these phenomena become niore important, the concrete strut
begins to dominate over the truss mechanism, particularly if the
amounts of transverse joint reinforcement are small, Thus the
emphasis in the U.S. is on design procedures based on a concrete

strut model to carry large portions of the shear. These differences
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must be kept in mind when making comparisons between the different

design procedures to be described next.

2.3 Current Design Procedures

Only recently have provisions for the design of beam-column
joints been incorporated into design recommendations or building
codes. The best known of these are the ACI-ASCE Committee 352
recommendations [2, 7], the ATC3-06 proposal [6], and the New Zealand
Standard [97]. Additionally, Meinheit and Jirsa [50] in the U.S.
and Sugano and Koreishi [98] in Japan have proposed other design
approaches. New guidelines for the design of joints will also be
incorporated into the revised Appendix A to appear in the next
edition of the ACI code [3, 4, 5]. The C.E.B. [27] provisions are
very similar to those present in the new New Zealand code. Each of

these procedures will be reviewed briefly.

2.3.1 The ACI-ASCE Committee 352 Method

To determine joint shear strength a beam shear analogy is
used. The shear contributed by the shear reinforcement may be
developed from the truss analogy. Assuming that a diagonal crack ( at
about 45 degrees ) extends through the joint, the transverse column
reinforcement crosses the crack as it would in a beam . The required
contribution of the transverse reinforcement can then be easily

calculated. The contribution of the concrete is assumed to be equal
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to the shearing force causing diagonal cracking, and the total shear
strength is the algebraic sum of these two contributions. The
equations for the concrete shear strength have been modified to fit

the data available from beam-column joint tests as follows.

J J 5 c
where,
- b = width of the compression face of the column acting in

the plane of the joint

- d = distance from the extreme compression fiber to the
centroid of the tension steel in the column

The shear strength assigned to the concrete is

Vo= 3.5 B ¥VE' (1.0 + 0.002 Ny/A,) ( psi)

where,

= factor reflecting the severity of the loading. Equal to
U4 for normal joints and 1.0 for seismic joints

-8
1

-~ & = factor reflecting the effect of perpendicular confining
beams. Equal to 1.4 if the beams cover over T75% of the
width and depth of both joint faces; otherwise equal to 1.0

- f'c = concrete compressive strength, psi
- Nu = magnitude of factored column axial load, lbs
- Ag = gross area of the column, in2

The shear resistance assigned to the steel is
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vg = Agyfy / bs < 15ET,

where

- Asv = area of steel crossing a shear crack within a
distance s, in

- fy = yield strength of the steel, psi

1
o
i

width of the column framing into the joint , in

vertical spacing of the reinforcement, in

i
w
n

An upper limit on total joint shear stress is applied as

v‘j = Vo + Vg < 20-J?1c

A substantial review of these provisions has been proposed in
a new draft of the ACI-ASCE Committee 352 recommendations currently
under study. In these new provisions, the total shear strength would
not be proportioned between the concrete and the steel. Rather, a

minimum amount of joint shear reinforcement would be required, as

given by :

AS = [ 0.3 Sp f'c h" / fy] [(Ag/Ac)-1.0]
or,

Ag = [ 0.09 Sp 'y h" / fy ]

where
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- 5, = spacing of the hoops , in.

- h" = depth of the column, in.

- Ag = gross area of the column, in.2

- Ac = confined area of the column, in.2

- AS = required transverse steel in the joint, in.2

The transverse reinforcement would have to be closely spaced ( 4. in
or less), and be continued above and below the Jjoint for a distance
at least equal to the greatest of 18 in., one-sixth the clear height
of the column, or the maximum column dimension. In addition, the

maximum longitudinal bar size would be controlled by :

hcolumn > 20 dbeam bar

or

> 20 d

hbeam column bar

The minimum anchorage lengths for hooked hooked bars within

in the Jjoint by :

The total shear through the joint would be limited to within

Vj< Kdef%

where € = 12 for corner, 15 for exterior, and 20 for interior
joints. Thus the emphasis in the revision to the ACI-ASCE 352 report

is shifted from a more complex and realistic approach that assigns
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some shear to the steel and to the concrete, to a simpler and design-
oriented procedure requiring some minimum transverse reinforcement

and nominal joint shear stress level criteria to be satisfied.

The revisions to the ACI-ASCE Joint Committee 352 report are
similar to the provisions that will appear in Appendix A of the new

ACI Code [5]. This Appendix A requires that:

'z’Mn,col > 1.2 Mn,beam

and requires the same minimum amount of transverse steel in the joint
as those given by the ACI-ASCE 352 report. The nominal shear stress
is limited to 15 f'c for unconfined Jjoints and 20 f'c for confined
ones, Confinement depends on whether all faces of the joint are

covered with framing members for at least 75% of their area.

2.3.2 The ATC3-06 Approach

The recommendations of the "Tentative Provisions for the
Development of Seismic Regulations for Buildings" (ATC3-06) are based

on an equation for ultimate shear strength developed by Jirsa and

Meinheit [50], as follows :

V,= 5.1BS (£'52/3) (psi)
where

-B=14+0.25 [W / hy ]

-8 =

1+ GPS
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width of lateral beam perpendicular to applied shear

|3
1l

width of the column into which lateral beams frame

I
=g
n

volumetric percentage of joint hoop reinforcement

i
o
w
n

In this equation, the importance not only of the concrete and
steel contributions but also the effect of framing beams is

recognized.

The ATC3-06 document requires that the column transverse
reinforcement be continued through the Jjoint to provide adequate
confinement and shear reinforcement. It provides an upper limit for

joint shear stress such that :

v=V,/Fbd=V, /0.8 bd <164,
is the limit for joints confined by members on all sides, while a 25%
reduction in capacity is necessary if the Jjoint is unconfined by
beams. For this procedure, minimum volumetric shear reinforcement
would range from 0.6% to 1.2% for spiral reinforcement and 0.8% to
1.2% for rectangular hoop reinforcement. The ATC3-06 approach

typically will result in less shear reinforcement than specified by

the old ACI-ASCE Committee 352 report.
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2.3.3 The New Zealand Standard

The New Zealand Standard recognizes two types of joints, and
approaches each separately. This differentiation is based upon the
experimental work conducted by Park and Paulay, and separates joints
designed to remain essentially elastic from those where hinging

adjacent to the joint is acceptable.

When the joints remain "elastic", a large amount of the shear
is allocated to the concrete, and the remainder to the steel

reinforcement. The shear is allocated as follows

~ if the column load is higher than O.1f'c/Cj,
V.= 2/3 ((C:P /A )=(£f' 710.0)%+% b.h )
ch~ j e’ g c * Jre
- if no plastic hinges can be formed next to the joint face,
Vop=-5(A"g/A)V 5, (1+ {C5P1/0. Ha l )
- if the Jjoint is prestressed
Vop = 0.7 Pgg

where

- Vch = horizontal shear resisted by concrete, N

- V.

ix horizontal shear in x-direction, N

I
<
"

jz horizontal shear in z-direction, N
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- Pe = maximum design axial load in compression, N

- Ag = gross area of section, mmz.

- f'c = compressive strength of the concrete, MPa

- bj =z effective width of Jjoint, mm.

- hc = overall depth of column in the direction considered,
mm,

- P = force after all 1losses in the prestressing in the

S
middle third of the beam, N

If the joint is designed such that beam hinges can form at
the column faces, the concrete is not assigned any of the shear load.
All of it 1is taken b& the steel. To prevent early stiffness and
strength deterioration, the following 1limit is imposed on total

shear,

th < 1.54f', (MPa units)

If none of the conditions mentioned above with regard to
elastic joints is met, the entire shear force is to be taken by the

steel as follows
Vertical joint shear reinforcement is also required to take

care of the vertical forces needed to maintain a panel ¢truss

mechanism.
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2.3.4 The Japanese Design Procedure

While the Japanese code for reinforced concrete design is
based on working stress rather than ultimate strength, and no
provisions for joint design are present in the codes, the work of
Sugano and Koreishi [97] must be noted. After a series of
experiments at the U. of Tokyo, they proposed a design procedure for
joints based on ultimate strength. They assigned contributions to

both the steel and the concrete as follows,

= 2 2
v, = O.51f'c— O.OO‘lf'c (kg./cm< )

- 1/2
vy = 2.7 (rw fy )

for f'c less than 6000 psi, where

-r, = As / b s

— b = width of the column, cm.

- s = spacing of the hoops, cm.

- AS = total area of hoop reinforcement, cm2.

Sugano and Koreishi also make a distinction between cracking
and ultimate strength. For cracking the following expression was

proposed :

- 2
Vop = (£¢° + Fe(Py/AL)
- fy = tensile strength of concrete, kg/cm.2
- Pu = column load, kg.
- A_ = gross column area, cm.2
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2.3.5 Comparison of Design Methods

In comparing the first three design procedures discussed
above, the background to each is important. The ACI-ASCE Committee
352 design procedures are based on tests carried out on reinforced
concrete members subjected to axial 1loads. Most of these tests,
therefore, were not on joints but on members with quite different
shear spans from the aspect ratios of Jjoints. Since in a typical
joint the column depth is approximately equal to the beam depth, the
applicability of the results of tests with shear spans in excess of
2.0 is questionable. In the New Zealand Standard , the concrete is
assumed to ecarry no shear unless strict requirements are met.

However, Zhang and Jirsa [113] state that :

By checking 19 specimens available from the U.S., Japan,
Canada, and New Zealand, which had volumetric percentages of
joint transverse reinforcement 1less than 1%, a lateral or no
lateral beam, and with hinges at the column face, it was observed
that the average shear carried by the joint under cyclic loading
is about 66% of that under monotonic loading.The ratios of the
value of shear strength at the worst peak under cyclic loading to
the test value of shear strength at maximum peak after yielding
under monotonic loading were distributed from 0.40 to 0.90 (See
Fig.2-4). This indicates that even under cyclic loading concrete
in joints can make a contribution to the shear capacity...
Accordingly, the shear resistance of the concrete as a diagonal
strut in the joint core need not be ignored in design [113].

The provisions of the ATC3-06 document seem to assign more
shear to the concrete than other methods, but it must be remembered
that by limiting the total allowable shear, the size of the column

may have to be increased. The resulting shear stress levels will not
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be very different from those of of the Committee 352 recommendations.
One can conclude that the New Zealand approach provides maximum
reinforcement for the joint, while the ATC3-06 document suggests a
minimum, The ACI-ASCE Committee 352 recommendations provide a
compromise between these two extremes. A comparison of the maximum

shear stress allowed under all methods is shown in Fig. 2-5.

It should be noted that the cracking joint shear strength for
beam—column joints is on the order of 7 to 101ﬁﬁc, with the higher
values associated with large transverse joint reinforcement ratios.
Thus the limits imposed by the New Zealand Standard would imply much
less joint shear cracking thah the ACI-ASCE 352 procedurés would
allow. Thus one would expect the procedures that allow nominal joint
shear stresses greater than about 15'[?70 to imply some degree of
joint shear distress, and consequently some loss of stiffness and

strength with cyeling.

It is difficult to compare the amount of shear assigned by
each procedure to the steel and the concrete. For example, for a
typical interior joint with hinges next to the column face the New
Zealand Standard will assign all the shear to the steel; the ATC3-06
procedure would require about an 0.8% volumetric reinforcement

(f' =U000 psi and f 60 ksi ): and the ACI-ASCE Committee 352 would
c

y.‘:

assign about 300 psi to the concrete and the rest to the steel.



4o

Attempts to quantify the contributions of the steel and
concrete to the overall shear strength have not been very successful.
One such attempt is shown in Fig. 2-6. It comes from a New Zealand
test [9], and shows that the concrete strut mechanism contributed as
much as 60% to 80% of the total strength even at very large
deformations and after a large number of cycles. The contribution of
the concrete strut is higher at the peaks than at the intermediate
load stages, and one would expect, based on the work of Zhang [114],
that the concrete contribution should be about 50% to T70% at these

stages.

2.4 Limitations of Past Research

Several limitations of past research must be noted. First,
there is an absence of tests in which joints were loaded biaxially.
Because of economic and physical constraints, all but one of the test
series [9] were carried out on planar joints loaded uniaxially. 1In
some cases stub beams were used to simulate members framing
perpendicularly, but they were never loaded. In a real earthquake a
structure would likely be loaded in some direction which does not
correspond with the principal structural axis, and thus the joints
would be loaded biaxially. There is little or no information on the
strength of joints under this loading condition and few design

recommendations have been proposed.
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The second 1limitation is a lack of data regarding the
influence of the size of the member producing the shear on the joint
behavior. Except for the ACI-ASCE Committee 352 recommendations, the
effect of wide or narrow beams framing into the joint has not been
addressed. Most of the research has been carried out on specimens
with beam widths close but smaller than the column width. Thus data

regarding the influence of beam width is needed.

A third limitation is the lack of uniformity in the loading
histories used by different investigators. Comparisons among test
series are difficult and often impossible. In many cases test
specimens have been subjected to many small cycles of deformation
before the peak strength is reached. The effect of the smaller

cycles on the ultimate strength is unknown.

A fourth limitation is that the large losses of stiffness
reported from many tests have not been adequately studied. Thus,
while the joint might be able to carry the shear input from the
beams, the loss of stiffness due to yield penetration and bond
deterioration can represent a separate failure mechanism that has not

been adequately investigated.

In most past research the specimens tested did not have a
slab. In typical cast-in-place construction, beams,columns and slabs

are cast simultaneously and therefore act as a single structural
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unit. There is very little data on the effect of the slab on overall

joint behavior.

Several other aspects of the behavior of joints have not been
clarified by past research. Among them are the upper and lower
1imits of transverse reinforcement necessary for good behavior; the
anchorage requirements for beam bars in exterior joints; and the
effect of axial load on the deterioration of joint strength and

stiffness.



Chapter 3

Experimental Program

3.1 Test Series Description

To study the main parameters affecting the shear strength of
beam-column joints a test series comprising 15 full-scale tests was
devised, utilizing the subassemblages shown in Fig. 3-1. This report
deals with the last eight tests only, but a summary of the test
series , shown in Table 3-1, is important to understand the scope of
the project. The first three tests were conducted on identical
specimens and were aimed at clarifying the effect of load history.
Specimen BCJ1 was loaded uniaxially, and was the control specimen for
the following two biaxially loaded specimens. In test BCJ1 racking
deformations were applied only to the North-South beams, while the
East-West beams were held at a constant dead load deflection.
Specimen BCJ2 was cycled simultaneously in both the North-South and
East-West directions, simulating the condition where lateral forces
are skewed at a U45 degree angle from the building's principal axis.
Specimen BCJ3 was also loaded biaxially, but in this case the
deformations were applied alternately to the North-South and East-

West beams. For example, the North-South beams were cycled once while

43
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=

Figure 3-1 : Dimensions of beam-column subassemblages
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Reinforcement
Test Column Beam Neg. Beam Pos. Load Purpose
BCJ1 12 # 9 3# 10 3#8 uc Uniaxial
BCJ2 12 # 9 3 # 10 3#8 BS Biax. Sim.
BCJ3 12 #9 3 # 10 3#8 BA Biax. Alt.
BCJ4 12 # 9 2 # 10 2 # 8 BS Bar number
BCJ5 12 #9 3# 8 3#6 BS Bar size
BCJ6 12 #9 3#8 3#6 MS Biax. Mon.
BCJ7 12 # 9 3#8 3#6 BS Joint rein.
BCJ8 12 #9 3#8 3#6 BS P(col) = 0
BCJ9 12 # 9 3#8 3#6 BS Slab
BCJGA 12 #9 3#8 3#6 BS Slab
BCJ10 12 # 9 3#8 3#6 BS Wide beams
BCJ11 8 #11 2 # 10 2 # 8 Bs Narrow beams
BCJ12 1249 3#8 3#6 BS Wide beams
BCJ13 12 #9 3#8 3 #6 BS Exterior
BCJ14 12 # 9 3#8 3#6 BS Ext. w/slab
Loading - UC = Cyclic uniaxial
BS = Cyclic biaxial simultaneous
MS = Monotonic biaxial simultaneous
BA = Cyclic biaxial alternate
Dimensions - All columns 15 in. by 15 in.
All beams 13 in. by 18 in.,
except BCJ11 8.75 in. by 18.0 in.
BCJ10 18.0 in. by 18.0 in.
BCJ12 18.0 in. by 18.0 in.

Joint Reinforcement - all units had 2 # 4 ties at 5 in.

in the joint,

except BCJT7 which had 10 # 4 ties grouped as
5 sets of double ties at 2.5 in.

Table 3-1:

Summary of test series
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the East-West beams were held at the dead load position, and then the
East-West beams were cycled while the North-South were held in the
dead load position. For both specimens BCJ1 and BCJ3, the failure
occurred in the joint area, while for specimen BCJ2 a column failure
was observed. Since a column failure was considered undesirable, a
redesign of the specimen was necessary in order to conduct the

remaining tests under a biaxially simultaneous loading.

In order to increase the capacity of the column with respect
to the beam, the amount of beam reinforcement was decreased in the
following two specimens. In specimen BCJU the beam reinforcement was
decreased by 1/3 to two # 10 at the top and two # 8 at the bottom; in
specimen BCJ5, the bar configuration was changed to three #8 at the
top and three #6 at the bottom. The total areas of steel, however,
were not significantly different for these two tests. A direct
comparison of bond characteristics between specimens BCJ2, BCJ4, and
BCJ5 was'possible. Test BCJ6 was similar to specimen BCJ5 but the
load was applied monotonically to establish an envelope for the shear
deformation relationships and to compare with the cyclic response.
In test BCJ7, the amount of shear reinforcement in the joint was
increased substantially, from two #4 ties to ten #U4 ties, in order to

check the effectiveness of additional steel in the joint.

For the second part of the project it was decided to test

specimens with slabs to model frame structures more accurately. In
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order to facilitate testing, it was decided to remove the axial load
from the column since maintaining column loads would have meant
significant changes in the testing frame. Specimen BCJ8 was the
control specimen for this series, and its behavior will be discussed
in detail in Chapter 4. This specimen can be compared directly with
BCJ5, to examine the effect of axial load. Specimens BCJ9 and BCJ9A
were identical specimens with an octahedrally-shaped slab large

enough to simulate the effect of a floor slab on the joint.

The test series continued with tests on specimens having
different size beams; specimen BCJ11 had very narrow (8.75") beams,
and specimen BCJ12 had very wide (18") beams compared to the 13 in.
beams used in the other specimens. These tests were run using an
axial load and are directly comparable to BCJ5. Specimen BCJ10 also
had large beams but because of problems during the casting, it only
achieved a compressive strength of 2800 psi, as opposed to an average
of about 4500 psi for all the other specimens. Comparisons between
BCJ10 and BCJ12 give an indication of the effect of concrete

strength.

The last two tests were conducted on exterior joints, since
no data is available on the performance of such Jjoints under
bidirectional loading. Both tests were conducted without axial load.
Specimen BCJ13 had no slab while BCJ14 did. The behavior of the

exterior joint with no slab could be compared directly to that of
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specimen BCJ8, while that of the exterior joint with the slab can be

compared to that of specimens BCJ9 and BCJ9A.

3.2 Specimen Design

The beam-column specimens in this series were specifically
designed so that the joint core strength would be the controlling
factor. The design of all the specimens was based on the equations
proposed by Meinheit and Jirsa for shear strength. It was
anticipated that the specimens would exhibit severe shear strength

deterioration as well as bond degradation.

The specimen was also designed to have proportions similar to
those typical of Jjoint elements in reinforced concrete multistory
buildings. The specimen extended to the midstory height above and
below the joint, based on the assumption that a point of
contraflexure occurs at that point. This is a common assumption in
frame design, and is valid for upper story columns. The point of
inflection in the bottom story columns will most likely be much

nearer the joint than the midstory height.

The dimensions of the test specimen used are shown in Fig.

3-1, and the design calculations are included in Appendix B .
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3.3 Specimen Details

As previously mentioned, the specimens were designed in order
to maximize the shear input into the joint while maintaining a
reasonable specimen size and proportions. The resulting specimen has
a much larger column longitudinal reinforcement ratio than commonly
used in frames in seismic areas. The beam lengths were kept to about
6.5 ft. on each side of the subassemblage for practical reasons;
this would correspond to a column spacing of 13 ft., smaller than the
20 ft. to 24 ft. spacing that the beam size would indicate for a

typical frame.

3.3.1 Beam and Column Details

A1l specimens had 15 in by 15 in. columns reinforced with 12
#9 bars, giving a reinforcement ratio of about 5.33%. This very
large reinforcement ratio was needed to obtain the necessary column
flexural capacity without affecting the proportions of the beam-
column Joint. The uniaxial interaction diagram for the column is
shown in Fig 3-2, while the biaxial interaction diagram for the case
of zero axial load is shown in Fig 3-3. It was observed that due to
the severity of the loading, crushing of the concrete at the corner
of the column was possible. Crushing and spalling of the cover
results in a much smaller capacity and can lead to column yielding,
as observed in several tests. The column shear reinforcement

consisted of closed #U4 ties spaced at 4 in. through the column and at
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5. in. in the joint area. The ties were closed by 135 degree hooks
having legs with development lengths of 10 bar diameters as
recommended by the SEAOC Code [91]. No intermediate ties or
crossties were used, and a 1.5 in. nominal cover was employed. The

details of the beam and column are shown in Fig 3-4 .

The typical beam size for all the specimens was 13 in. by 18
in.'The exceptions were tests BCJ10 and BCJ12 which had 18 in. by 18
in. Dbeams, and test BCJ11 which had 8.75 in. by 18 in. beams. For
the specimens described in this study, the typical beam had 3 #8 bars
at the top and 3 #6 bars at the bottom; the only exception was test
BCJ11 which had 2 #10 at the top and 2 #8 at the bottom. Crossing of
the beam steel at the joint required the placement of the North-South
reinforcement above the East-West , resulting in a slight increase of
positive moment capacity and a decrease of negative moment capacity
of the East-West direction with respect to the North-South one.
Shear reinforcement for the beams consisted of #3 closed stirrups
spaced at about 4 in. beginning about 2 in. from the column face. The
cover was 1.5 in. and the spacing between beam bars was 2.2 in., see

Fig. 3.4 .

The slab, as tested, had an average thickness of 3.75 in. and
was reinforced at the top only with #3 bars; the slab bars did not
have hooks at either end of the bar and were spaced at 12 in.

beginning at 6.0 in. from the column face.
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3.3.2 Specimen Fabrication

Fabrication of each specimen consisted of instrumenting the
desired steel bars, tieing the beam and column cages, placing them
securely in the forms, attaching the instrumentation reference

inserts, placing the concrete and curing the specimen.

The lower column cage was fabricated first and lowered into
the forms; four bolts were inserted at the bottom of the column cage
to provide the connection to the testing frame. Then the beam cages,
along with the two joint ties, were lowered into position. At this
stage the concrete in the bottom column, beams, slab, and % in. of
the upper column was cast. Approximately a week later the specimen
was removed from the forms, the ties in the upper column placed and

the upper column cast [60].

3.3.3 Material Properties

Although an effort was made throughout the test series to
maintain uniform material properties, this was not always possible.
The desired concrete compressive strength was 4500 psi, and it was
successfully achieved for most of the lower specimen casts. Since
the bottom cast included the joint, it was felt that the larger
compressive strengths achieved in the top casts did not significantly
affect the specimen behavior. The specified yield strength of the
steel was 60 ksi, but in many instances this lower bound was exceeded

significantly. The material properties are shown in Appendix A.
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3.4 Testing Setup and Procedure

As shown in Fig. 3-5, the deflected shape assumed by a beam-
column joint subassemblage in a high-rise frame structure under
lateral load can be achieved by moving the column ends in opposite
directions horizontally while pinning the beam ends. The same
deflected shape can be obtained by pinning the column ends and
displacing the beam ends vertically in opposite directions. 1In this
test series the second approach was used for economical and practical
reasons. This setup cannot account directly for P-A effects, but

they can be added mathematically to the load-deformation curves.

The testing apparatus, shown in Fig 3-6, consisted of upper
and lower loading heads, two column shear struts, and a reaction
wall. Both the upper and lower loading heads were grouted and bolted
to the column. The lower column was also bolted to the floor,
providing a moment-resisting connection at the bottom. In order to
model a true pin connection, the lower column was longer than the
upper one, so that when the specimen was loaded a point of
contraflexure formed about 12 in. from the bottom of the column. The
main reason for fixing the bottom of the column to the reaction floor
was the anticipated case of imposing tensile loads in the column.
The upper loading head was connected through 2 pins to the column
shear struts, providing a true moment-free connection at the top. The

shear struts were also pinned-connected to the reaction wall.
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Although the column did not have a true pin at the bottom, an
eQ%stic analysis showed that the horizontal displacement of the lower
point of inflection during lcoading would be small, and lead to less
than 5% errors in the calculations for elastic flexural deformations.
The semi-fixity at the bottom also provided for some moment transfer.
An elastic analysis showed that the differences between assuming a
pin at 12 in. from the bottom of the column, and a fixed base would
lead to a maximum of 55%-to-45% split of column moments between the
bottom and top of the joint. Thus the assumed even split of column
moments to be made in latter calculations will not introduce
significant errors. It was assumed that when the specimen went into
the inelastic range these differences would not increase.
Calculations for the actual position of the bottom point of
inflection as the tests progressed indicated that it was very ciose

to the bottom of the column for the load stages close to the peaks.

To apply the axial 1load, four rods attached to the rams
placed on the top loading head were used. Each rod was loaded by a
100 ton hydraulic jack connected to a single manifold, thus keeping a
constant load on all four rods. As the rams extended, the rods went

into tension and the column was subjected to compression.

Beams were loaded using double-rodded hydraulic rams. Two
independent ,manually controlled systems were used to apply the
racking 1loads. The system illustrated in Fig. 3-7 permitted the

application of both dead and racking loads.
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3.5 Instrumentation

The specimens were heavily instrumented in order to obtain as
much information as possible from these tests. Three kinds of
measuring devices were used: load cells, displacement transducers,

and strain gages.

The loads applied to the beam ends where monitored by the use
of load cells. The axial loads on the top shear struts were measured
with full-bridge strain gages. The beam end deflections were measured
using 12 in. stroke linear potentiometers, and deflections in the

joint area were monitored using 2 in. stroke linear potentiometers.

One of the main purposes of the tests was to separate the
components of interstory drift in order to improve the understanding
of the stiffness deterioration phenomenon. Five main components, or
mechanisms, were identified, and are shown in Fig. 3-10. The first
two of these components are beam and column elastic‘deformations, and
these can be found from static equilibrium, if we assume that the
points of inflection are known. The third and fourth important
components are beam and column inelastic rotations, and include the
contribution of hinging and bar slip., The fifth is the deformation
produced by Jjoint shear distortion. The 1last three cannot be
measured directly, but can be estimated by measuring the relative
rotation between the beam and the column face, the movement of the

column with respect to a fixed point, and the joint shear strain.
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(1-2) Beam and column elastic

2) Joint sh in.
flexural deformation. 2) * ear strain

(3) Inelastic beam rotation (4) Inelastic column rotation.

Figure 3-9 : Components of beam deflection
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A1l these measurements were taken using bolts imbedded in the
concrete core, as shown in Fig 3-8. The bolts were covered with foam
through the cover concrete to prevent spalling of the cover concrete
from influencing the readings. This arrangement seemed to perform
well during all tests. The shear strain was measured from similar
inserts using the apparatus shown in Fig 3-9. A complete description

of these measurements is given in Appendix C.

Over 50 resistance strain gages were distributed through the
specimen as shown in Fig. 3-11, to provide information on the strains
in the reinforcing bars. To measure the bar slip, stiff wires were
attached to the reinforcing bars and permitted measurement of the
relative movement of the bars with respect to the surrounding

concrete. The "slip-wire" instrumentation is shown in Fig. 3-12.

411 the data was taken with a VIDAR Data Acquisition 3ystem,
and processed used a DG Nova-3 minicomputer. Selected channels were
then plotted to evaluate, both qualitatively and quantitatively, the

behavior of each specimen.

3.6 Load History

As previously mentioned, the selection of a load history for
a test series is a critical decision. It was felt that since the
major interest was to establish the ultimate capacity of the

subassemblage, few small or no elastic cycles would be applied. To
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model the behavior of an actual structure it was decided to apply
dead 1load to precrack the Dbeams. Thus the first load stages
consisted of first deflecting the tips of all beams downwards by 0.1
in. to simulate the effect of gravity loads, and then applying a
cycle ofbracking loads to a peak deflection of 0.2 in. to precrack
the beams top and bottom. This cycle will be referred to as the
initial cracking cycle,. Furthermore, a regular rather than random
loading sequence was chosen to facilitate correlation between the
analytical and experimental results, see Fig. 3-13. A regular
sequence made it possible to better compare the results with those of
other tests run with similar load histories, although the magnitude

of the deflections is not always directly comparable.

After the initial cracking cycle was applied, the next peak
deflection produced yielding of the negative beam reinforcement at a
displacement of about 1.3 in. from the dead load position. Three
cycles were imposed at this level since it was observed that little
additional degradation of stiffness and strength occurred after the
third cycle at a given deflection level was applied. The first three
cycles correspond to a nominal ductility of 1.0. Three additional
cycles at nominal ductilities of 2.0 and 3.0 were then applied. A
nominal ductility of 1.0 as defined here corresponds to about a yield
ductility of 2.5 to 3.0 if the latter is defined as the ratio of the
total displacement at the peak of each cycle to the displacement

where the initial slope of the curve intersects the yield load. The
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beam tip deformations correspond to equivalent interstory drifts of

2%, 4%, and 6% if a story height of 12 ft. is assumed.

3.7 Summary

The test series described herein intends to clarify the
effect of biaxial loading, framing member size, and slabs on beam-
column Jjoint behavior. The specimens were large-scale and well
instrumented. The instrumentation was designed to help separate the
contribution of different mechanisms to Jjoint shear strength and
deterioration. A severe load history was chosen to simulate the
effects of a maximum credible earthquake on beam-column Jjoint

behavior.
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Chapter 4

Experimental Results

4.1 General

The specimens used were heavily instrumented, and therefore
the amount of data available for each test is very large. In order
to limit the amount of detail presented it was decided to describe
only one representative test, BCJ8, in detail. Data from other tests
will be presented to amplify behavioral aspects discussed in Chapters
5 and 6. Other results for tests BCJ9 through BCJ14 will be found in

Appendix D.

Test BCJ8, chosen for detailed discussion, was the control
specimen for the tests with slabs. The geometry and reinforcement
were the same as for BCJ5 except that BCJ8 carried no axial load. The
details for this specimen are given in Table 3-1, and a schematic
representation of the steel in the joint area is given in Fig. 4-1.
It should be mentioned that the joint was more congestéd than the
figure shows; the size of the bars was reduced in order to ease
visualization. In the test specimen the column bars in each face and

the top longitudinal beam bars are in contact . Note that only two

69
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joint ties are present, at a spacing of about 5. in., and that there
are no ties between intermediate column bars either through the joint

or in the column.

4,2 Load History

The specimen was subjected to the load history shown in Fig
3-11, which consisted of deflecting all beams 0.1 in. to simulate
dead load and cycling from that deformed position. Ten cycles of
load were imposed; the first was an initial cracking cycle, followed
by three cycles at three different deflection levels, or ductilities,
in the inelastic range. A total of 201 load increments, or load
stages (LS), were applied; the first excursions at each deflection
level consisted of 28 load stages in total, while the second and
third consisted of 16 each. The last 20 load stages consisted of a
cycle of loading at very large amplitudes on a plane at 90 degrees
from that used for the first nine cycles. The load stage numbers are
given in Fig. 4-2; thus load stage 12, or L312, corresponds to the
peak at the first downward deflection to 1.4 in. At this point in
the load history the North and West beams were loaded downward, the
strong direction, while the South and East beams were displaced
upwards, the weak direction. In the text, the peaks will be referred
as +iAj or -iAJ- , where the sign indicates the direction of
displacement ( positive is downward ), the i the deflection level,

and the j the cycle at that particular level. Thus +2A1 refers to
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the first downward displacement at the second deflection , or to load

stage 68.

The applied deflection 1levels were multiples of the
deflection causing first yield in the beam longitudinal steel and
thus correspond to nominal deflection ductilities of 1.0, 2.0, and
3.0 . Deflection at first yield was determined experimentally to be
about 1.3 inches from the dead load position, a value considerably
larger than the 0.3 to 0.4 inches predicted by analytical methods
assuming the beam to be anchored in a rigid block. The discrepancy
can be attributed to the high ratio of beam-to column stiffness ,
errors in the assumed cracked section properties, and the
indeterminacy of the test setup. However, even accounting for these
factors in the analysis the calculated beam end deflection at first

yield did not exceed 0.9 in.

The beam end deflection can be easily translated into
equivalent interstory displacements (ID) by multiplying the total
beam end deflections by the ratio of the distances between the load
points in the beams and the inflection points of the column, as shown

in Fig. 4-3.

ID = [1,/1p] [ Dy + Dyl (4.1)

where i and j refer to the beam end deflections in either principal

direction. Thus, the first deflection level produces an interstory
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displacement of about 2.7 inches over a story height of 12.0 feet.
This corresponds to about a 2.0% drift in each principal direction,
and almost 3% in the resultant plane of loading 45 degrees from the

main structural axis.

Although the imposed drifts are very large, it is important
to recognize that the purpose of the tests was to introduce as large
a shear into the joint as possible, as well as to ascertain if the
shear strength could be maintained through several cycles. To
accomplish this without complications of frame instability, the P-
delta effect was excluded. Once the specimen becomes unstable the
loads in the joint area, and consequently the shear strength demand,
will decrease. In addition, it must be recognized that the test
specimen was more flexible than design calculations indicated,
necessitating large drifts to induce yielding in the beam steel. The
best explanation for this flexibility is that the joint is not a
rigid member as often idealized in analysis, when Jjoint shear

cracking is permitted.

4.3 Principal Load vs. Deformation Relationships

Two sets of force-displacement relationships for BCJ8 will be
examined; first, measured beam load versus beam displacement, and
second calculated joint shear versus Jjoint shear strain. Both of

these are stiffness-type plots; the first can be thought of as the
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usual flexural stiffness of the system, while the second can be

described as its shear stiffness.

4,3.1 Beam Load-Beam Displacement

The load-deformation curves for the North and South beams of
BCJ8 are shown in Figs. 4-4 and 4-5. All beams seem to have reached
flexural capacity by +1A1, the first peak. All curves seem to be
following the envelope represented by the monotonic test conducted by
Longwell on a similar specimen with axial load [60]. The initial
secant stiffness, calculated from the readings taken after the
application of the dead load deflection gave values of between 88 and
104 k/in. The stiffness decreased rapidly to about 20 to 25
kips/inch at a deflection of 0.7 to 0.8 in. Since it is hard to
determine a single value which defines stiffness from a curve with a
continuously changing slope, it was decided to arbitrarily define two
types of stiffnesses. The first, called equivalent stiffness (Ke),
is taken as the slope of the line joining the peak and the point
where the line crosses the x-axis on its éscent to that peak as shown
in Fig. 4-6. For this test, the equivalent stiffness for the first
load cycle was about 24 kips/inch in the North beam (strong
direction), and about 18 kips/inch in the South beam (weak
direction). A summary of the equivalent stiffnesses for all cycles
is given in Table 4-1. The second called peak-to-peak stiffness

(Kp), or backbone stiffness, is given as the slope of the line
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joining the positive and negative peaks at each load cycle. For this
specimen, the peak-to-peak stiffnesses ranged from 17 kips/in to 19
kips/in. This second definition will be used in Chapter 6 to compare

the behavior of different specimens.

Unloading from the first peak followed a line parallel to
that of the initial load stage, and showed large residual deflections
at zero load for the beam loaded in the weak direction. Upon loading
to the first peak in the opposite direction, -1 A"1 , the first signs
of degrading behavior became obvious. The North beam did not reach
its calculated yield force before the curve began to flatten ; the
same is not true for the beam originally loaded in its weak
direction, which reached calculated yield strength. The stiffnesses
of the beams loaded originally in ﬁhe strong direction degraded more

rapidly than those loaded originally in the weak direction.

The degradation of stiffness and strength became very obvious
in the second and third cycles at the first deflection level (+1A2,3
and —1[&2'3 ). The loops were pinched at the origin, and the
stiffness near the zero deflection point tended toward zero. If it
is assumed that the energy dissipation capacity of the subassemblage
is a function of the swept areas under the load deflection curve,
then the loss from the first to the second cycle is on the order of
70%. In addition the equivalent stiffness dropped about 40% from the

first to the second cycle. With cycling a strength loss of 20% to



Figﬁre

Displacement

4=6 : Definition of equivalent stiffnesses

Deflection Equivalent Peak-to-peak
L 1 Cycle " stiffness stiffness
eve ( kip/in ) (kip/in )
1
1 1 24 9
2 15 16
3 ‘14 15
9 1 11 10
2 7
3 6 7
3 1
2 4
3 3

Table 4-1: Equivalent stiffnesses
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25% at equivalent deformations was also clear. It should be noted
that most of the changes in response take place between the first and
second cycles to any deflection level. The behavior at subsequent
cycles at a particular deflection level was similar to that of the
second cycle, A similar observation was made by Uzumeri [105] for

exterior joints.

The second and third deflection levels ( 2Aj, and 3Aj )
showed similar behavior. The original strength may be regained if
large deformations had been imposed, but the stiffness continues to
deteriorate rapidly. The drop in strength from the first to second
cycle seemed larger at the second deflection level. At the third

level the descending portion of the envelope is reached.

The degradation of stiffness and strength with cyeling, as
will be discussed extensively later, is due mainly to the loss of
bond through the joint caused by yield penetration and by slippage of
the main reinforcement. A good idea of the magnitude of the forces
being introduced into the joint can be gleaned from the plot of total
shear vs. interstory displacement, shown in Fig 4-7. The total shear
is the vectorial summation of the horizontal shears in the North-
South and East-West directions, and thus represents a vector at
approximately 45 degrees from the main structural axis. The positive
sign indicates a direction to the Northwest, while a negative one

indicates a direction to the Southeast corner of the joint. In this
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plot the same trends with regard to stiffness and strength
degradation present in the beam load-beam deformation plots can be
seen. The maximum shear of 320 kips along the diagonal corresponds
to about 28{?10 nominal shear stress in the Jjoint, a value higher

than the 20{?7; allowed by current design procedures.

4,3.2 Joint Shear - Joint Shear Strain

As previously discussed, an analysis of a typical joint will
show that shear is the main parameter controlling design. Thus, it
is more significant to look at the influence of shear rather than
flexural forces on the Jjoint. The total shear introduced in the
joint can be estimated from equilibrium conditions, as shown in Fig.

4-8.

In the tests reported here, the compressive and tensile (C
and T respectively) forces in the beams were not measured directly.
To determine these forces the beam moments at the joint face were
taken as the product of the beam end load times the distance from the
load point. The depth of the compressive block was then assumed
using ultimate strength design procedures, and the T and- C forces
backcalculated. The pertinent calculations are shown in Appendix
B. The value for V,, was obtained from strain measurements at the
top column struts; the values obtained exberimentally at deflections

of 0.5 inches or more showed a satisfactory correlation with those
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derived from an analysis assuming an inflection point at about 12

inches from the bottom of the column.

Since shear is almost a linear function of beam loads, a plot
of shear versus interstory displacement in each principal direction
results in a graph of shape similar to that of Fig. 4-4, with he
maximum ordinates changing from about 36 kips to about 230 kips. A
more meaningful way of measuring the effect of shear 1is plotted in
Figs. 4-9 and U4-10, in which total shear is shown graphed versus
joint shear strain. The joint shear strain is measured directly
using the instrumentation shown in Fig. 3-9, and is calculated as

shown in Appendix C.

The most significant observation from these plots is the lack
of symmetry about the y-axis . The joint appears to be much stiffer
in shear when loaded to the first positive peak ( +1A1 ) than when
loaded to the first negative peak (—LA1 ). Almost twice as much
joint shear strain occurred in the negative direction as \in the
positive one; the obvious explanation is that the joint shear
cracking limit is exceeded in the first excursion to a peak, and when
loaded in the opposite direction the Jjoint had been considerably
"softened". Once this softening has occurred the second and third
cycles should exhibit a larger shear strain. However, the plots show
almost equal amounts of joint shear strain for all cycles in each

direction at given deflection level.
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Two hypotheses can be advanced to explain this phenomenon,
First, considering the peaks at the first cycle in each direction, it
is clear that the curves flatten. The maximum shear is reached at
this point because the beam steel has yielded and no additional force
can be introduced into the joint. The linearity between nominal
shear stress and shear strain is lost around a deflection of 0.8 in.,
when the joint first showed visible evidence of shear cracking.
After this point the "shear stiffness" begins to decrease, and the
behavior will be governed by the extent and orientation of the
cracks. It must be noted that the shear stress decreases at the
second and third cycles of any deflection level due to bar slip
already mentioned. Thus, additional shear cracking in the Jjoint is
unlikely past the first cycle and the reduced shear stresses could
explain the similar amounts of shear strain measured for all cycles
at a given deflection 1level. Also it must be noted that the shear
stiffness becomes very small near the origin after the first cycle,
but at the first deflection level about 75% of its original value is
regained near the peaks of the second and third cycles. This is not
true for the second deflection 1level, where the drop in "shear
stiffness" between the first and the remaining cycles is very large.
As a matter of fact, this drop occurs almost immediately after the
first yield deflection is exceeded during the loading to +2 A1 , and

could signal the initiation of shear failure in the joint.

A second, more plausible explanation is that the shear

/
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deformation is dependent on the forces acting and the size of the
framing members. When loading to the first peak the Jjoint will
benefit from the confinement provided by uncracked compressive blocks
on the beams ‘( See Fig 4-11 ). When loading in the opposite
direction, however, the tension cracks must close before any of this
confinement can be developed. The cracks may be very wide due to the
yielding of the bars and to slip. Although strain compatibility is
usually assumed between the steel and the concrete, such
compatibility is lost early in the load history 1leading to the
equilibrium conditions shown in Fig. 4-12. The importance of strain
incompatibility at the joint increases as cycling proceeds since the
bars begin to increase in length due to yielding and to slip due to
bond deterioration. The tension cracks at the beam-column Jjoint
become larger and thus more difficult to close, leading to flatter
slopes for any load-deformation relationship. The confining effect
of the framing members becomes noticeable near the peaks when the
cracks have closed, and this hypothesis will be pursued fully in
Chapter 6 when comparing the performance of test specimen with

different size beams.

Several other observations must be made about Figs. 4-7 and
4-8. First, the initial slope is very steep. The joint shear strain
shows a large jump (about 1.0 milliradian) between load stages 5 and
6, indicating the first significant shear cracking. The resultant

shear at this point is about 167 kips ( a nominal joint shear stress
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of about 900 psi ) which is not much higher than the one calculated
by the procedures for estimating first cracking suggested by Meinheit
and Jirsa [50] and Sugano and Koreishi [97]. The second observation
is that while the joint cracked, it continued to pick up shear. In
fact the maximum shear strength was at least twice that necessary to
crack the Jjoint. Finally, the magnitude of the measured shear
strains suggests that the joint is much less rigid than one would
expect. Following the initial, linear portion of the curve ( no
shear cracks ) will lead to a shear strain that will be only about a
tenth of that measured at 1A1 . It would seem that most damage to
the joint shear stiffness occurred during the first cycle at the
second deflection level; after this cycle, the joint shear strength
did not come close to its original values even if the deformations
were substantially increased. If very large drifts are expected,
therefore, it is unsafe in design to consider joints with geometric

proportions similar to those tested as rigid members.

4,4 General Specimen Behavior

The observed behavior of all specimens will be described in
detail because and idea of where and when cracking and spalling of
critical sections occurred is essential to understanding the
conclusions about column-to-beam moment ratios, shear stress levels

and bond conditions developed in Chapter 6.
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4.4.1 Dead Load and Initial Cracking Cycle

The application of dead load deflection to the specimen
caused no observable distress, only elastic deformations of the beams
and a small axial deformation in the column. The initial cracking
cycle consisted of deflecting the beams an additional 0.2 inches from
the dead load position and led to some flexural cracking of the beams
near the Jjoint. No shear cracking was observable at this point.
This initial cycle precracked the beams in order to simulate the
effects of both the service loads and any previous, minor lateral

loads.

4.4.2 First Deflection Level

The first deflection level consisted of 3 cycles of load at
about 1.3 inches in each direction from the dead load position.
During the loading to the first peak, cracks were marked at three
stages : first at LS 5 ( 0.2 inches), at LS 7 ( 0.5 in.), and at the
peak of the cyele, LS 12 (1.3 iﬁ.). In Fig. 4-13 the progressive
cracking of the West and South beams, as well as cracking across the
SW joint corner can be seen. The dimensions of the joint corner are
exaggerated to clarify the drawing, so that the cracks across this
area are steeper than indicated on the sketches. The shadowed

portion indicates spalling of the concrete cover.

At LS 5, which was about equal to the maximum deflection
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imposed during the initial cracking cycle, the first flexural cracks
began to open. These cracks were present not only in the tension
side of the beams, but also in the column. Since no axial column was
present, this cracking was expected although perhaps not this early
in the loading history. At this stage, the North and West beams had
already begun to separate from the joint, and the crack at the column

face covered about 50% of the beam depth.

At LS 7, the first shear cracks began to form across the top
of the SW and NE corners of the joint. The shear cracks were
inclined at about 35 to 45 degrees, parallel to the line Joining the
top NW and bottom SE corners of the joint. This diagonal forms the
centerline of the concrete strut that is probably carrying most of
the shear at this stage. There was obvious separation of the beams
from the column face at the West and North beams, as well as
separation of the joint from the column at the top NW and bottom SE
corners. The flexural cracks in the beams continued to extend and
widen, while some shear cracks began to appear in the bottom of the

South beam.

By LS 12, extensive cracking was present; it included
flexural and shear-flexural cracking of the beams, the 1latter
especially in the West beam, as well a shear cracking across the
joint. Of particular importance, the column corners in compression

began to crush, especially at the NW bottom corner of the joint.
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Meanwhile, flexural cracking of the column corner in tension
progressed along the length of the column. The column never
exhibited shear distress. The compressive blocks at the bottom of

the North and West beams also showed some signs of crushing.

Upon reversal, to —1[&1 , the cracking described above began
to take place in the opposite direction and resulted in a criss-
crossing pattern of shear cracks near the joint. Flexural cracks
extended across the beams. There was less flexural cracking when
loading in this direction, but the cracks at the column face were
wider. The column corners crushed at the top NW and bottom SE
corners and the column tension cracks at the top SE and bottom NW
corners were very wide. Both the beams and the column seemed to be
yielding and forming plastic hinges at this stage. While the beam
steel was yielding, the column steel was not. The large column
rotation was a product of slippage of the longitudinal column bars
due to cycling even before they yielded. According to the "weak-
girder strong-column" design philosophy this type of behavior is to
be avoided, since the columns are undergoing deformations beyond
acceptable limits ( 2% drift ). It should be emphasized that this did
not seem to be a problem when the specimen was designed since the
column had sufficient moment capacity to resist the biaxial flexural

forces.
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4.4,.3 Second and Third Deflection Levels

Loading to the second deflection level, or about 2.7 inches
from the dead load position, did not create any more significant
flexural cracking in the beams. However, shear cracking near the
joint became more pronounced and crushing of the compressive zones of
the North and West beams was clear. Significant spalling took place
in the column at the NW bottom corner of the joint; almost all the
cover was lost at the column-joint plane and spalling extended
downward about 12 in. as shown in Fig. 4-17. Moreover, the cracks at
the column joint corners in tension became very wide, although still
smaller than those at the beam-joint faces. Upon reversal, to —2A1,
trends similar to those outlined above were observed. An interesting
point was that splitting cracks along the top reinforcement of the
South and East beam bars was observed near the joint at +2A2 . At
this stage the top bars of these beams were supposed to be in
compression. The only possible explanation is that the bars were no
longer anchored in the Jjoint but on the beam on the opposite side.
Under these conditions the tensile stresses produced by the bars in
the compression =zone could have generated the splitting cracks

observed.

Loading to the third deflection level, or about 4.1 inches
from the dead load position, resulted in little additional cracking.

It must be pointed out that after the first excursion at the second
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deflection level most of the cover had separated from the core in the
critical' regions near the joint and therefore crack patterns had
little significance. However, spalling of the remaining column
corners as well as crushing of the compressive blocks on all beams

took place at the third deflection level.

It must also be noted that during the second and third
deflection levels there were significant torsional forces 1in the
beams. Although there were no measurements of these torsional
forces, they were probably produced as a consequence of the very
large deformations undergone by the specimens. The loading rams had
spherical loading heads which allowed complete freedom of rotation in
the plane of the applied load, and about 8 degrees in either
direction in the out-of-plane direction. During the third deflection
level the beams probably exceeded this value and the rams began to

provide some torsional restraint to the beams.

A final important observation must be reported. It seemed
that as cycling progressed, the size of the tension cracks at the
beam—-column faces varied from one side of the beam to another.
Although no measurements were made, visual inspection at the latter
load cycles clearly showed that the tension cracks were wider at the
NE and SW corners of the beams than at the NW and SE corners. The
latter coincide with the axis of loading, and indicate that the

beams, due to both concrete crushing and spalling, were not confining
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the joint evenly. At the peaks it seemed that the corners where the
column was in compression offered better lateral restraint than the

unloaded column corners.

4.5 Other Measures of Response

In this section a series of plots are developed to help
understand the overall behavior of BCJ8. Joint shear strain, beam
rotations, column rotations, and Jjoint rotations are presented. The
calculations necessary to derive these quantities from the measured

displacements are shown in Appendix C.

4.5,1 Interstory Displacement vs. Joint Shear Strain

The plots of joint shear strain vs. interstory displacement
for both principal directions are shown in Figs. 4-18 and 4-19. Both
figures show an interesting feature of the joint shear strain; it is
not strietly linear with lateral displacement as one would expect.
At the top of each cycle, the stréin stops increasing, and the curve
becomes almost flat. This would seem to indicate that the shear
deformation becomes "locked", and that the shear stiffness becomes
very large. This increment in shear stiffness cannot be explained in
terms of material properties since the shear resistance of the
subassemblage should decrease as the deflection, and therefore shear
cracking increases. A better explanation is that as the beams ( and

perhaps the column) begin to yield, the plastic hinges become the
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main contributor to the beam end deflections. The deformation is
thus taking the path of 1least resistance, and the shear strain
remains constant until the peak is reached. The important point is
that the shear strain is not linear with respect to either load or
deflection, and that a certain amount of energy is being dissipated

by shear strain deformations, as shown by Figs. 4.8 and 4.9 .

§4.,5.2 Joint Rotation vs. Interstory Displacement

An interesting comparison can be made between the plots
discussed in the previous section and those for joint rotation vs.
interstory displacement shown in Fig. 4-21. The overall Jjoint
rotation is linear with respect to displacement, and exhibits non-
deteriorating behavior. Since the joint rotation includes the joint
shear strain contribution, which is non linear near the peaks , the
other components of Jjoint rotation must also be non-linear in this

area to compensate .

4.,5.3 Column Rotation vs. Interstory Displacement

Since the elastic deformation of the column is proportional
to the total beam end loads in the elastic range, the plot of elastic
column deformation vs. interstory displacement is non-linear and very
similar in shape to the curves in Figs. U4-4 and U4-5. The inelastic
column rotation, shown in Fig 4-21, indicates that all the inelastic

column rotation took place in the direction of initial loading. One
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must recognize that this does not mean that the column did not move
in the opposite direction at all; it means that in the initial
direction of loading, a large portion of the deflection was caused by
this rotation. In the opposite direction, as shown in the previous
section, most of the deflection was due to the large Jjoint shear

strains.

4,5.4 Beam Rotations vs. Interstory Displacement

The measured beam rotations, shown in Fig 4-22, are linear
with respect to interstory displacement, indicating that the beams
are not clearly developing plastic hinges as one would expect. If
this were the case, an increasing slope with deflection should be
evident as more and more of the deformation, and energy dissipation,
is taken by the beams. Ideally the graph should show a bilinear
trend, corresponding to the elastic and inelastic portions of the

beam response.

4.5.5 Beam Longitudinal Displacement vs. Interstory Displacement

The mechanism proposed to account for the non-linear shear
behavior implies that large cracks were opening at the beam-column
interface and that the longitudinal beam bars were increasing in
length. A measure of this phenomenon is given by Fig. 4-23, where
the longitudinal displacement of the beam with respect to the joint

is plotted. The longitudinal beam displacement is the average
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reading of the potentiometers measuring beam-to-column deformations.
If this value 1is close to zero, it means that the beam is rotating
rigidly about an axis at its mid depth; if the values are greater
than zero, it means that the beam is moving away from the column
face. As the plot shows, the beam moves away from the joint
throughout the load history, and the residual deflections at the end
of each cycle are essentially non-recoverable. The fact that similar
behavior was observed in all beams indicates that the bars are not
only slipping through the Jjoint, but also increasing in length
significantly due to yield penetration. It is problematic whether
such increase in length would occur at all in joints in a continuous
structure. In an isolated specimen the lack of continuity at the

beam ends and slab boundaries makes such deformation more likely.

4.6 Reinforecing Bar Slip

Since it was anticipated that the longitudinal beam
reinforcement might slip during reversed cycles to large
deformations, the instrumentation shown in Fig. 3-11 was used to
measure the longitudinal beam bar movement through the joint. The
measurements obtained had to be corrected to account for Jjoint and

column rotations, as shown in Appendix C.

Slip were measured at the beam-joint face in three bars: the

top longitudinal bars in the EW beam (South face) and NS beam (West



105

face), and the bottom longitudinal bar in the EW beam (South face).
The slip measured at each side of the joint for the top EW beam bar
is show in Figs. 4-24 and 4-25. As can be seen, the magnitude of
slip varies from about 0.06 inches at the first deflection level to

0.13 inches at the second and 0.20 inches at the third.

The measured slips indicate that the yield penetration and
subsequent elongation of the bar caused the bars to slip away from
the column face. The bars, moreover, never returned to their
original position as cycling progressed. It became more and more
difficult to close the cracks at the column face, as is evidenced by
the pronounced losses of stiffness through the region near zero

deflection as shown in Figs. 4-4 and 4-5.

For downward 1loading of the West beam (+1A1, +2A1, and
+3A1 ), the amount of slip in the top bars on the West side of the
Jjoint was more than twice that measured on the East side. Based on
the measured strains in the bars, the top bars in the East-West
direction were in tension at both sides of the joint. At +LA4 , the
bar was yielding in the West side, and had a strain of about 0.005 on
the East side. The bar had increaéed in length about 0.03 inches
over the 15 in. column dimension, indicating an average strain of
0.002 across the joint. Although no gages were present on the bars
within the joint itself, it is evident that yielding penetrated the
joint very early in the load history, and contributed significantly

to the loss of stiffness and strength.
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4.7 Reinforecing Bar Stresses and Strains

Strains in the bars and joint ties were measured using strain
gages at the 1locations shown in Fig. 3-11. The stresses were
obtained using a conversion program developed by Longwell [60] that
utilizes Thompson's method for calculating steel stresses in bars
subjected to ecyclic, inelastic loading [104]. It must be pointed out
that the measurements provided by the strain gages adjacent to the
joint are suspect because of local effects; the joint distortion and
beam inelastic rotation at this position might have created 1local

bending in the bars, and thus masked the true measurements.

4.7.1 Beam Bars

The strain profiles along the longitudinal beam bars through
the joint area for the first 1loading cycle are shown in Figs.
426 and 4-27. As can be seen, a fairly uniform increment in strain
with increased deformation was observed when loading to +1A& (or LS
12), with yielding occurring at LS 11 on the West face of the joint.
The plot clearly shows that the steel across the joint was always in
tension. Bond stresses reached values as high as 1000 to 1200 psi.
The fact that the bars were in tension across the joint clearly show
that compatibility was lost 1in this area. However, this
compatibility was restored at the second gage (8 in. from the joint
face), where the bar in the East side is again in compression. The

bottom bar appeared to have yielded considerably more than the top
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one, although yielding for both began at about the same interstory
displacement. The bottom bar withstood ecycling much better than the
top one, This seems reasonable given the smaller diameter of the
bar, and therefore the more favorable bond conditions. This level of
performance was also probably influenced by the fact that through
large parts of the load history the top bars in the East-West
direction were not in the compression zone of the beam. The bars
were centered about 3.375 in below the compression edge fiber, while
the depth of an equivalent compression block at ultimate would be

only about 1.80 in. below the compression edge fiber.

The stresses for the same top bar gages for the latter 1load
stages are shown in Figs. 4-28 and 4-29. These plots clearly show
the rapid breakdown of bond near and inside the joint. For the top
bar on the EW beam, extensive yielding was evident in the West side
at L.S. 12; when the opposite peak, L.S. 24, was reached the bar was
in tension not only in the East side, but also for about 16 inches

from the joint face in the West side.

A typical stress vs strain relationship is shown in Fig.
4-30, for a gage at the joint face in a bottom bar of the East beam.
After a small amount of compression was recorded during the
application of the dead load (LS 3), a stress reversal took place and
the bar began to pick up tension as the East beam was deflected

upwards. The beam reached yield at about LS 10, and entered the
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yield plateau. Upon reversals of load ( to L.S. 24 ) bar went into
compression, and additional cycling at the first deflection level
resulted in slightly more yielding. Loading up to L.S. 68 caused
considerable yielding; further cycling resulted in the formation of
the typical stress-strain curve for steel subjected to ceyelic
loading. Note that because the conversion program uses a Ramberg-
Osgood relationship, the stress does not quite reach the initial

yield value after cycling.

In Fig. 4-31, a typical strain vs. moment curve is plotted.
As can be seen the steel was under some initial compression due to
application of the dead load. As the cycling began, the beam began
to move downwards, and the bar picked up additional compression,
although it is clear that the concrete was carrying most of the
compressive force at this stage. As the first peak approached, the
bar began to lose compression, as yield penetration from the other
side of the joint began to create some tension. With further cyecling
the bond in this bar began to deteriorate and throughout the rest of
the load history the bar was seldom in compression, except for some
load stages near the zero deflection point. The slight compression
was due to the fact that the cracks had not fully closed and the

steel alone was acting as a couple to carry all the load.
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4.7.2 Column Bars

The strains in the column bars were measured using resistance
strain gages at the top and bottom joint-column face in the four
corner bars; additionally, the NW corner bars were instrumented at 8
in. and 16 in. from the joint face. Unfortunately, because of the
vibration required during casting, many of the column gages were
destroyed. The plots of column bar strain versus moment resultant

are shown in Figs. U4-32 and 4-33, for the NW corner bar.

The behavior of this bar, after the first load cycle, is very
similar to that of the beam bars already examined. For the initial
cyele, the bottom bars were in compression. A strain of 0.0005
(about 15 ksi compressive stress) in the steel would indicate that
the extreme concrete fibers are highly strained, and thus the
observed crushing in the corner at latter load stages was to be
expected. After the first cycle, the portion of the bar below the
joint appeared to loose compatibility, and showed a very slight
compression only in the first cycle at each deflection level. The
upper part of the bar was in tension, and came close to yielding
during the first cycle. Under reversal of the load , this section of
the bar went into a small amount of compression, a situation that was

not repeated as cycling progresses.
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4.7.3 Joint Ties

Strain was measured by gages in each leg of the two ties
present in the joint. The gages were located on the outside of the
ties to prevent accidental destruction when the beam cages were
placed into the column cage during construction and during concrete
placement. Therefore it is impossible to determine what amount of
the strain corresponds to elongation of the Jjoint tie or to local

bending because of the bulging of the joint core.

The initial shear cracking of +the Jjoint, from the
measurements obtained, seems to have occurred between load stages 5
and 6 when a large jump in strain was observed. The plots for the
stresses in the ties versus interstory displacement for the top and
bottom legs on the North side of the joint are shown in Figs.

4-34 and 4-35.

During the first cycles of loading the tensile stresses of
the ties remained locked in when the specimen was returned to the
original position. A possible explanation is that cracks which had
opened could not be closed immediately because small concrete
particles lodged in the open cracks. However, as cycling continued,
the amount of locked tensile stresses decreased, and eventually
compressive stresses were achieved. It may be that as the cracks
grew larger, inelastic elongation of the ties occurred. When the
load was reversed some local compression was created by bending of

the ties.
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4.8 Components of Displacement

At the beginning of the test series it was decided that
investigating the stiffness behavior of the specimens would probably
yield the most significant data. Therefore, it was decided to try to
separate the amount of deflection that could be attributed to each of
four mechanisms at each load stage. Appropriate instrumentation was
designed and installed in the specimen to accomplish this task (See
Appendix C). The mechanisms selected were flexural deformation,
inelastie beam rotation, inelastic column rotation, and Jjoint shear
strain; as shown in Fig. 3-10. In this section the calculated data

obtained for BCJ8 and its importance will be discussed.

4.8.1 Definitions of Components

Since the definitions given to each mechanism might differ
from those commonly assumed, a complete definition of each will be

given here :

- Total flexural deformations - refers to all the elastic
flexural deformations in the subassemblage. It includes
both beams and column, and is calculated from equilibrium
conditions using the loads measured during the test.

- Inelastic beam measured rotation - refers to the measured
rotation of the longitudinal beam with respect to the
joint. It includes the elastic and inelastic deformations
over a length of half the beam depth on each side of the
Jjoint. However, elastic deformations will be small over
such a short distance.

- Inelastic column rotation - refers to inelastic
deformations at the column-joint interface, and includes
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yielding of the bars, slippage of the column bars and loss
of section due to spalling and crushing. This quantity was
not measured directly; it was determined from the measured
and calculated deformations.

- Joint shear strain - this is a direct measurement, and
refers exclusively to the deformation of the joint due to
shear alone,

# The reader is cautioned that the importance of this data is
more qualitative than quantitative. The data is useful to
make comparisons between the relative contributions of the
different mechanisms, and to give an idea of their
magnitude., It should not be interpreted to represent an
exact measurement of all the defined components, since the
summation of all measured and calculated contributions fell
between 0.85 and 1.15 times the measured beam end
deflection for 1load stages near the peak of each 1load
cycle.

4,8.2 Beam End Deflection Components

The first component calculations were done for the individual
beam deflections as shown in Appendix C. The results, shown in Fig
4-36, are presented as ratios of calculated contribution of each

mechanism versus measured end deflection.

Several trends are clear from this plot. The contribution of
the flexural deformations decreased as the beam end deflections
increased; this was logical since the elastic contributions were a
function of the beam end loads. The maximum values of the loads are
about constant at the peak deflections while the beam end deflections
are increasing. Thus, the ratios of elastic to total deflection

components must decrease.



119

(8rog) uor3oe[jyep wesq 3sey 031 SUOTINGIAIUOY :9¢- 9InBTg

(*W)  LINIW3IOVIASIA AYOLSHALNI

6 8 L

9

S

14

£

[4

I T T
FHNX3d

A

NOllviOY Wy38

A

NOILVLOYM NWNI092

1

-
¥

T

HV3HS LINIOP

L.

g2'o

0G0
iv/ !vz

SL0

00l



120

The amount of inelastic beam rotation increased as the first
peak was reached since the bars had begun to yield and plastic hinges
were being formed. The contribution increased from about 18% at 0.5
inches to 30% at LS 12, to 36% at LS 68, and seemed to level off at

about 35% for all the third deflection level (LS 120-172).

The contribution of column rotation was much 1larger than
expected; it was between 18% and 25% for the first deflection level,

and remained at that level for the rest of the load history.

The second largest contribution was that of Jjoint shear
strain. Its contribution increased steadly from about 15% at LS 7 to
35% at the end of the test. Thus the joint is progressively less

rigid with cycling particularly after it cracked in shear.

4.8.3 Interstory Displacement Components

The contributions described in the preceding section referred
to a single beam. The individual contributions to the interstory
displacement were then calculated. For this purpose it was assumed
that the contributions of shear strain and column rotations were the
same for both beams in each direction, while the elastic deformations
were calculated from the measured beam loads. Finally, since the
beam rotations were measured only on one side of the Jjoint, the
difference between the summation of all computed deflections at this

point and the total interstory displacement was ascribed to the beam
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rotation in the negative direction. Jt should be noted that the
interstory inelastic beam rotation arrived at by this scheme is about
twice that of the single beam, and thus a reasonable quantity. To
further simplify the results, it was decided to average the
contributions over the first cycle, that 1is averaging the first

positive and negative peaks.

The individual contributions are shown in Figs. 4-37 trough
4.40, in which the computed values are shown for both the first and
second cycles at each deflection level. These results are presented
this way to  highlight several important ©points; while the
contributions of the elastic and inelastic beam rotations remained
the same for both the positive and negative peak deflections, the
column inelastic rotations and the joint shear strain showed dramatic
differences. For the positive peak the column inelastic rotation
always provided a positive contribution to the interstory deflection,
for the negative peaks , past the first deflection 1level, it was
mostly a negative contribution. This is not an unreasonable result
if we recall that the column rotation is calculated by subtracting
the elastic deformations and the Jjoint shear strain from the total
joint rotation. Moreover, it 1is supported by the fact that less
serious cracking was observed in the column in the negative direction

than in the positive one.

Perhaps as interesting are the observations to be derived
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from the contributions at the second peaks of each deflection levels.
Due to the loss of strength between the first and second cycles, the
elastic contribution at the peak decreases somewhat; the low values
at the beginning of the reloading in each direction are a function of
the loss of stiffness of the subassemblage. Most of the difference
is then taken up by the inelastic beam rotation, especially at the
beginning of each reloading cycle. The Jjoint shear strain and the
column rotation contributions do not change very much between the
first and second cycles at each deflection level. The second cycle
at the last deflection level is not plotted because the specimen was
so damaged that the instrumentation was reflecting local effects more

than overall behavior.

4.9 Summary

The experimental results for BCJ8 seem to divide the test
into two phases. The first comprises the first deflection level, in
which the specimen behaved well with respect to flexural and shear
strength. The losses 1in stiffness and energy dissipation were
significant, but the subassemblage was able to carry the loads
without much visible distress. The second phase, when the uniaxial
drifts exceeded 2%, indicates that the joint can be expected to
achieve the necessary shear strength at even very large deformations
but that the stiffness and energy dissipation capacities will likely

have deteriorated beyond acceptable limits.



Chapter 5

Description of Other Tests

5.1 Introduction

In this chapter the behavior of the other specimens will be
examined. The remaining tests can be divided into three series,
according to the geometric parameters which were varied. The first
series was aimed at clarifying the effect of the size of the framing
beams, with the beams covering 60%, 86%, and over 100% of the joint
face. The second series dealt with the influence of a slab the
behavior of an interior beam-column joint, and consisted of two
speciméns with slab and one without a slab. The third series
consisted of the two exterior Jjoint specimens, one with and one

without floor slabs.

All the specimens were subjected to the same load history as
BCJ8, and had similar reinforcement details. Unfortunately, it was
not possible to carry out all the tests with bars having the same bar
deformation patterns or stress-strain behavior. After careful
analysis of the data, however, it is clear that these variations did
not lead to significant differences in behavior. Thus, it is

possible to make meaningful comparisons among all tests conducted.

126
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5.2 Effect of Beam Size

It has been hypothesized by several researchers [T70, T71] that
the size of the beam framing into a joint should have an impact on
Jjoint behavior. Tests on uniaxially loaded specimens with stub beams
or unloaded perpendicular framing beams have shown better shear
behavior than specimens without any structural side confinement.
Moreover, the size of the member introducing the shear into the joint
may have an impact on Jjoint behavior especially if the beams have

very different dimensions from those of the column.

In fact, in the ACI-ASCE Committee 352 recommendations, a
decrease in shear capacity attributed to the joint is not necessary
if the framing members cover more than 75% of the joint face. . This
ratio will be referred to as the area ratio. This specification was
primarily based on engineering Jjudgement and has never been fully
verified with experimental data for the biaxial loading case. Three
specimens were designed to cover as large a range of lateral beam
sizes as possible., The control specimen had beams covering about 86%
of the Jjoint face, and was designated as BCJ5. The specimen
designated as BCJ11 had narrow beams, covering slightly less than 60%
of the joint face, while BCJ12 had beams whose width exceeded that of

the column by 20%.

All the specimens in this series were tested with a column

axial load of about 300 kips, a value very close to the balance point
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axial 1load for the column. The effect of the axial load on the
overall stability of the system (P-delta effect) was added
mathematically after the test. Since the specimen was loaded by
moving the beam ends and not the column, it was stable throughout the

test.

5.2.1 BCJ5 - Control Specimen [ Area Ratio = 86% ]

5.2.1.1. Behavior of Test Specimen

The total moment vs. interstory displacement for BCJ5 is
shown in Fig 5-1. This plot shows that there was a significant
stiffness deterioration during the first cycle at any deformation
level, just as observed in BCJ8. The second and third cycle at each
deformation level were characterized by severe pinching of the
hysteresis loops, which would indicate that joint shear distortion
and/or reinforcing bar slip were a major influence on the behavior of
the joint. 1If the additional moment due to the axial load (P-delta
effect) is incorporated into the calculations (Fig 5-2), it is clear
that deformations to the first deflection level would be sufficient

to create stability problems if substantial axial loads were present.

Although there was degradation of stiffness under cycling at
144, the beam loads did not reach their calculated ultimate loads
until the beams were deformed to 26-1 (see Fig. 5-3), At 34 4,

however, strength degradation was evident as the beam end loads were
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well below their calculated strengths. The initial direction of
loading influenced the strength of the beams when the loads were
reversed. The beam loads were always less than the calculated
strength at the first negative peak (LS 24, 80, and 136) at any given
deformation level. This may be due to degradation of bond of the
tensile reinforcement during the initial excursion, so that the
reinforcement was not effective in compression when the 1load was
reversed. A better explanation is that the degradation of the bond
through the joint, as well as yield penetration, produce tensile
stresses in the steel embedded in the compression zones of the beams.
The result was that the moment arm, and thus the moment capacity,
decreased. It also resulted in higher compressive stresses in the
concrete and led to 1longitudinal cracks along the bars in the
compressive blocks in the beams. Similar behavior can occur in the
column, and may explain the unexpectedly high deformations observed

in the column at the column-joint face.

The first shear cracks were observed at the NE and SW corners
of the Jjoint at LS 7 (See Fig 5-4), and crossing shear cracks
appeared upon reversal of load to the first negative peak, LS 24,
There was extensive flexural and flexural-shear cracking in the beams
during cycling at the first deflection level, as shown in Fig. 5-5,
but a well-defined beam hinge was not apparent. There was also some
flexural cracking at the corners of the column which were in tension,
and evidence of some crushing at the corners of the column which were

initially loaded in compression.
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Figure 5-5 : BCJ5 at the end of first three cycles

Figure 5-6 : BCJ5 at the end of the test
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As cyecling at higher deformation continued, the concrete
cover at the column compression zones progressively deteriorated and
some spalling occurred. With spalling there was a decrease in the
biaxial moment capacity of the column. This decrease in column
flexural capacity may help explain why the beams did not form a
clearer beam hinge as the deformations increased. It was also
observed that the cracks at the beam-joint face varied in width from
one side to another. This indicated a slight change in geometry due
to the addition of the two horizontal components of joint shear
strain. The appearance of the specimen at the end of the test is

shown in Fig. 5-6.

5.2.1.2. Deflection Measurements

The deflection components for the first positive cycle at
each deflection level for the East beam of BCJ5 , shown in Fig. 5-7,
were calculated as described for BCJ8 (See Section 4.8). It is
interesting to note the increase in the contribution of joint shear
strain and the decrease of column inelastic rotation during the first
two deflection levels. It should be noted that for the South beam,
loaded in a similar manner, the contribution of joint shear strain
during the first deflection level was almost twice that of the East
beam, with the corresponding decrease of the inelastic column
contribution. This point is important because the calculations shown
in these plots are intended to be interpreted qualitatively rather

than quantitatively. Of all the tests, the example of the joint



134

1.00 -

"\\0.50 Y

- - ————
—

T T T 1 T T T T -1
EAST 1 2 3 4 5 6 T 8 9

SOUTH_ INTERSTORY DISPLACEMENT (in)

Figure 5-7 : Contributions to total deformation for East
end South beams at first peak - BCJ5

124

136
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shear strain at the first deflection level for BCJ5 represents the
highest differential found between the two directions of loading. A
good index of the possible differences is the transition zone between
the first and second deflection levels; abrupt changes in this area
indicate that large differences were measured in the two directions
of 1loading, since examination of the data for tests were both
directions were measured reliably indicate very }thié differences

after the first deflection level, " srerr 5§;vxxﬂ .

Under cycling at the first deflection level the joint shear
stiffness is reduced considerably, although not as much as for BCJ8
(See Fig. 5-8). The performance of BCJ5 was slightly better than
that of BCJ8 because the column rotations and joint shear strain were
smaller. These two parameters, however, still account for almost 40%
of the total deformation. This should be considered unacceptable in
a moment-resisting frame where hinging in the column or excessive
joint deformations are to be avoided. The slight difference in
behavior previously desecribed can be explained in terms of the
benefit provided by the axial load present in BCJ5. The axial load
should have a beneficial effect on Jjoint strenght because as the
axial load is increased from =zero the balance load, the moment
capacity of the section increases; if the column capacity increases,
the column-to-beam flexural capacity ratio also increases. As this
ratio increases the likelihood of column hinging is decreased. The

beneficial effects of the axial 1load present in BCJ5 are not
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pronounced, probably due to the low compressive stresses in the
column (about 1300 psi nominal axial stress). Other researchers [9]
have observed more striking differences in behavior when the axial

load is above one half of the ultimate axial capacity.

5.2.2 Steel Strains

The strains measured in the reinforeing bars of BCJ5 did not
indicate any qualitative difference in behavior from BCJ8. The top
bars in the North and West beams yielded near LS 9, and did not show
any substantial compressive stresses until very 1late in the 1load
history (See Fig. 5-9). As the beams were unloaded from the first
peak, L3 12, the steel stresses decreased; however, as soon as the
beams passed the dead load position the top bars began to pick up
tensile stresses again, indicating a deterioration of bond through
the joint. Similar behavior was observed in the column bars (See Fig
5-10), where appreciable compressive strains were measured as the
beams passed through the dead load position(LS 16) upon unloading
from +1Z&1 , but bar slippage occurred as as soon as loading in the
opposite direction began. This behavior was typical of most bars at
the joint-beam or joint-column section, and occurred regardless of
whether the steel had yielded or not. The bond stresses across the
Joint were calculated to be about 1000 to 1200 psi, which are higher
than the values generally associated with the onset of bond

deterioration.
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The strains in the joint ties showed that the upper tie had
consistently 1larger strains than the bottom one in the positive
direction of deflection, and that the opposite was true in the
negative direction, as a comparison of Figs. 5-11 and 5-12 clearly
shows. These plots correspond to averages of the strains measured in
all sides of the Jjoint ties, and indicate that the confining action
required of the ties depends on the size of the longitudinal beam bar
closest to the ties. Thus, the upper tie, closer to the # 8 top beam
bars was required to provide more confinement the joint core than the
bottom tie, which is closer to the bottom # 6 longitudinal beam bars.
When loaded in the opposite direction the bottom tie receives more
strain because the tension cracks need to close before the
compressive blocks in the beams begin to help in confining the joint
core., Thus, it could be said that the difference in measured strains
between the top and bottom ties is more an effect of original

direction of loading and crack size than beam bear si:ze.

The bar slips measured. ranged from 0.05 in. at small
deformations to 0.30 in. at large deformations, and varied nearly
linearly with beam end deformation. The effect of c¢yecling, as
previously noted, was to shift the neutral position of the reference
point in the bar away from the column face, a direct result of the

elongation of the bar due to yield penetration.
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5.2.2.1. Evaluation of Performance

Although BCJ5 did not exhibit shear or flexural failure in
the Jjoint area, behavior was controlled by slippage of the bars
across the joint as well as yield penetration into that region as in
BCJ8 . The specimen was able to withstand deformations much larger
than expected from a moderate to large earthquake, although there was
some degradation of stiffness and strength. In summary, the behavior
of BCJ5 can be described as acceptable for the range of deformations

realistically expected.

5.2.3 BCJ11 -~ Narrow Beams [ Area Ratio =58% ]

The narrow beam specimen designated as BCJ11 had different
beam longitudinal reinforcement. Because the beam was narrow, 2 #10
bars at the top and 2 #8 bars at the bottom were used instead of 3 #8
at the top and 3 #6 at the bottom as in the rest of the specimens
tested. This allowed the beam's width to be reduced to about 8.75 in
without appreciably changing the moment capacity of the beams, and
therefore the shear forces 1in the Jjoint region. The column
reinforcement was altered also, from 12 #9 bars to 8 # 11 bars to
accommodate the new beam bar arrangement. This resulted in a moment
capacity of the columns about equal to that of the beams. In
designing the specimen it was anticipated that the column in BCJ11

would show more distress than columns in other tests.
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5.2.3.1. Behavior of Test Specimen

The load-deflection behavior of BCJ114 is illpstrated in Fig.
5-13. It obviously exhibits very poor hysteretic behavior, as
well as a rather pronounced loss of strength with cyeling, see Fig.
5-14, as well as a rapid loss of stiffness. While the behavior
during the first three cycles was similar to that of BCJ5, a rather
sudden failure in the joint area occurred during the first cycle at
24&1. The loss of stiffness and strength between the first two
cycles at this deflection level, combined with the lack of recovery
of strength when the deformations were increased to 3‘A1, indicate

that the specimen was seriously damaged.

Specimen BCJ11 began to crack significantly even during the
application of the dead load and initial cracking cycle. Several
large flexural and flexural-shear cracks were observed in the beams
during the initial loading stages, and may account for the loss of
stiffness apparent in a comparison of the first cycle of load for
BCJ11 and BCJ5, shown in Fig. 5-14. The pronounced loss of stiffness
can be explained in terms of the decrease in section properties of
the narrower beams; under the same deflections the narrower sections

of BCJ11 were cracked more than those of BCJ5.

The first significant cracks in the joint area did not appear
until LS 7, with some inclined cracks appearing in the SW and NE

corners. By this stage there was a large crack at all the beam-joint
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interfaces, with the cracks covering as much as 75% of the beam depth
in the West beam. The column did not show any distress at this load
stage, with only some minor flexural cracking in the bottom SE
corner., When loading continued to the peak of the first cycle, LS
12, more shear cracks began to appear in the joint area, and there
was some evidence of concrete crushing in the West corner of the
North beam. There was also crushing in the NW corner of the column
at the bottom of the joint, although the flexural cracks in the
column did not 1lengthen appreciably. The 1load-deflection curve,
which began to drop before reaching maximum deflection, shows that at
the peak of this cycle the strength of the specimen was already
deteriorating. If the specimen had been loaded by displacing the
column ends it is 1likely that it would have been unstable at this
load stage. As cyeling progressed at this deflection level, it
became clear that the unprotected corners of the Jjoint were
separating from the joint core, and could not provide any strength to
the section. Under loading to +2£&1 , see Fig. 5-15, the column was
no longer providing adequate strength. The beams showed only minor
additional shear cracking from the previous deflection 1level; the
column, on the other hand, showed extensive crushing at the NW bottom
and SE top corners of the joint. Crushing resulted in the complete
separation of the NW corner of the Jjoint from the Jjoint core,
reducing by almost 30% the effective section of the column in the
biaxial direction, see Fig. 5-16 . The column bar in the NW corner

of the column was visible, and most of the concrete surrounding it
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was reduced to powder. As cyeling at this deflection level
progressed, it was easy to observe the NW corner column bar slipping
through the joint. The last four cycles of load imposed showed that
the specimen had softened considerably, and that it could not sustain

comparable amounts of load to those carried by the other specimens.

5.2.3.2. Deflection Measurements

The calculated deflection components for BCJ11, shown in Fig
5-17, help explain the behavior of the specimen as the deformation
increased. In the first deflection level, the contributions of the
elastic and beam inelastic deformation were very similar to those in
BCJ5; the shear deformations, however, were smaller, while the column
rotation picked up a much larger proportion of the deformation. It
must be recalled that these results represent an average of the
contributions to both the first positive and negative peaks; thus, in
the case of column rotation, the contribution to the positive
deflection was in the neighborhood of 45%, while in the negative,
after the column had been damaged significantly in the direction of
initial 1loading, it was of the order of 5% to 10%. As loading
progressed into the second deflection level, the failure in the joint
area began to increase the contribution of the joint shear strain,
until it accounted for more than 30% of the total deflection. The
computed ratios for the third deflection 1level, not shown in the
figure, indicate a shear strain contribution of the order of 50%,

indicating that the joint area had failed. The contribution of the
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Figure 5-16
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inelastic beam rotation decreased slightly as loading progressed,
also indicating a continuous loss of strength of the column with

respect to the beams.

5.2.3.3. Steel Strains

The steel strains measured for this specimen showed that the
steel in the column did not yield at any time in the load history.
The slippage of the bar is clearly shown by the stress history of the
gage at the top SE corner the joint. As shown in Fig 5-19, the
strains are compressive at LS 8, and continue to increase in that
direction until LS 12; at this point the load is reversed, the bar
slips though the joint, and the stresses become tensile at the ‘column
face . This explains the loss of strength observed in the 1load
deflection curves between LS 11 and LS 12. The strains at this
location also indicate +that significant tensile stresses were
developed as far as 16 in. from the joint face during the loading to
the first negative peak. The 35 ksi stresses at LS 24 for BCJ11 can
be compared to 12 to 15 ksi at the same location for specimen BCJS

under similar loading.

The strains measured in the beam longitudinal steel do not

show any appreciable yielding until the second deflection level;
thus, the full flexural capacity of the specimen was not mobilized

during the first three cycles. The strains measured in the legs of

the joint hoops also did not indicate any yielding until the second
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deflection level. There was no evidence of serious distress in the

joint core until the sudden failure while loading to +22&1 .

5.2.3.4. Evaluation of Performance

The performance of BCJ11 was unacceptable. The 1lack of
confinement in the corners of the joint due to the small width of the
framing beam led to crushing and spalling of the critiecal sections
and undesirable behavior in the column. The loss of stiffness and
strength that took place between the first two cycles at the second
deflection level indicates that the Jjoint failed in shear, since
little or none of the stiffness and strength was recovered when the

deformations were increased.

5.2.4 BCJ12 - Wide Beams [ Area Ratio = 120% 1]

Specimen BCJ12 was designed with beams having a width (18
in.) greater than that of the column (15 in.). The reinforcement
was identical to BCJ5 except that the outside longitudinal bars in
the beams no longer passed through the joint core. The wide beams
were intended to provide good confinement to the joint, but there was
concern regarding the influence of such wide beams on the potential

hinging of the column.
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5.2.4.1. Behavior of Test Specimen

The load-deflection curve for this specimen is shown in Fig.
5-21. The hysteretic behavior is better than that of BCJ11 (narrow
beams), and similar to that of BCJ5 (control specimen). The specimen
was able to mobilize the full strength of the beam members for the
first two deflection levels, and only a slight strength decrease was
apparent in the third one. The loss of strength between the first
and second cycles was also less pronounced than in the specimen with
narrow beams. The energy dissipation capacity during the first cycle
of each deflection level was excellent. As expected, BCJ12 was
slightly stronger flexurally than BCJ5 because the change in beam
width only produced a slight increase in the internal moment arm of

the beam section at ultimate conditions.

The cracking behavior of BCJ12 was markedly different from
that of BCJ11. Very few flexural cracks were observed during the
dead load and initial cracking cycle portions of the load history.
At LS 7, there was extensive flexural and flexural-shear cracking of
the beams, with the main flexural crack at the joint face extending
for about 70% of the depth in the West and North beams. Although the
joint was masked by the beams, some shear cracking at the interface
between perpendicular beams indicated that shear cracking had
developed in the joint. There were a number of flexural cracks in

the bottom SE corner of the column, and only a few cracks in the top
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BCJ12 at 1S 12

igure 5-23 :
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BCJ12 at 1S 124

Figure 5-24
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NW corner. By LS 12, the beams had completely separated from the
column; the separation cracks started at the corner where the beams
met, progressed to the corner of the column, and along its side as
shown in Fig 5-22. Similar cracking occurred at the bottom of the
South and East beams, although the pattern was less clear. It is
interesting to note that the cracks seemed to be inclined at an angle
of U45 degrees to the principal horizontal axes and downward, from the
corner where the beams met toward the nearest corner of the top joint
hoop, as shown in Fig. 5-22. There was evidence of crushing in the
compression zones of the North and West beam at the NW corner. The
spalling that later took place in these corners indicated a possible
interaction between the joint shear and the forces in the compressive
blocks of the beams. The top SE and bottom NW corners of the column
were crushed, although the crushing seemed to be confined to about
one half of the cover concrete only. Reversing the load to LS 24
caused some crossing shear cracks at the SW and NE corners, as well
as a complete separation of the beams from the column at the top of
the joint. The cracks in this area were very wide, about 1/16 in.,
indicating that the top longitudinal steel was either yielding and
elongating considerably or that the bars were slipping. By the end
of the second deflection level, the top and bottom SE and NW corner
of the columns showed extensive crushing. In order for the beams to
develop almost their full strength at the third deflection level, the
column had to be relatively undamaged. This is a surprising result,

since one would expect the larger beams (with larger strength) of
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BCJ12 to shift the hinging from the beams to the columns earlier in

the load history than in other tests.

5.2.4.2. Deflection Measurements

The deflection measurements for BCJ12 are shown in Fig 5-25.
The calculated deformations for this test were not as reliable as for
the preceding ones, primarily because the joint shear strain
instrumentation recorded smaller values than for previous tests. The
fact that the Jjoint was surrounded by such large beams would make
this plausible, since the shear deformations seem to be dependent on
the amount of 1lateral confinement. The contribution of elastic
deformation and beam rotation decreased rapidly, from about 70% at
the beginning of the test to about 50% at the end of the first
deflection 1level and 40% at the end of the second. The column
rotation picked up a significant portion of the remaining deformation
at each load stage, while the joint shear strain did not contribute
appreciably until the second deflection level. While the steel in
the beams yielded as predicted, the contribution of the beam
rotations was low because the beam-to-column stiffness ratio changed
as well. As cracking increased the stiffness ratio tended to

decrease, and thus more deformations were forced into the column.
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5.2.4.3. Steel Strains

The steel strains for BCJ12 clearly indicate that the full
capacity of the specimen was mobilized as early as the first cycle of
inelastic 1loading. Yielding began in the top longitudinal bars of
the North beam during LS 9, with ones in West beam following shortly
afterwards. Tensile stresses as high as 25 ksi were measured in the
beam steel as far away as 16 in. from the joint. The column steel
also showed some yielding in the S8SE corner of the joint. The
measured strains indicated that the SE column bar did not slip until
the first negative peak, LS 24, was reached. The gage at the NW
bottom corner of the Jjoint indicated that the NW column bar
maintained its compatibility in the bottom section through most of
the load history, and did not yield at all. The gage in this same
bar at the NW top of the joint showed that bond degradation, and thus
slip, began to occur at LS 24; this part of the bar remained in
tension throughout the test and yielded around LS 80. The joint
hoops showed similar behavior _to those of BCJ5, with yielding
beginning at LS 9 in the top East leg. The bottom hop showed
yielding in the same leg at LS 12, and the West leg of the top hoop

yielded upon reversal to LS 24.
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5.2.4.4., Evaluation of Performance

The behavior of BCJ12 was acceptable, especially in light of
the current philosophies for seismic design which discourage the use
of beam sections larger than the column. The overall behavior of
this specimen was very similar to that of BCJ5, and the results
support the conclusion that joint confinement provided by 1lateral
beams improves performance. However, it is not possible to
extrapolate these results to joints with beams larger than those used

here.

5.3 BCJ10 - Wide Beam [ Area Ratio =120% , f, = 2800 psil

Specimen BCJ10 was a replica of BCJ12, except that the
concrete compressive strength achieved by this specimen was only 2800
psi, as opposed to 4500 psi for BCJ12. Because of an error in the
zeroing of the 1load cells at the beginning of the test, the load
measurements for this tests were taken from the plots actually
generated during testing rather than from the digital data recorded

by the VIDAR suystem.

5.4 Behavior of Specimen

The load-deformation curves for BCJ10 are very similar to
those shown by BCJ12, except that the peak beam end loads were about
10% lower in the North-South direction and 15% lower in the East-West

one. This decrease is due both to difference in steel strength and
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to shifting of the moment arms due to the lower concrete strength.
The loops at the second and third deflection level were more pinched
and showed about a 5% larger strength loss than those for BCJ12. The
more pronounced pinching might indicate that the bond conditions in

the joint deteriorated faster due to the poorer anchorage conditions.

The steel yielded as expected, although at load stages closer to the
peak (L.S. 11) than BCJ12. The measured steel strains showed no

significant differences in magnitude or trends from those of BCJ12.

The observed cracking behavior of both specimens with wide
beams was essentially the same, except for the fact that the flexural
cracking did not extended as far below the Jjoint in BCJ10 as it did
in BCJ12. The crushing and spalling occurred in the same areas, but
typicaliy at earlier 1load stages for BCJ10. The crack patterns
differed only in that BCJ10 had less shear cracking near the joint
and less flexural-shear cracks in the beams. The crack at the beam-
column face seemed larger for BCJ10, but no measurements of crack
widths were taken. The concrete that spalled was very powdery,
indicating that perhaps the mix did not contain the appropriate
amount of cement. This lack of cement is also evidenced by the very
white color of the specimen, in contrast to the gray appearance of

the other specimens.

The components of deflection for BCJ10 were similar to those

of BCJ12, except for the 1lower contributions of the elastic
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components. The difference was made up by an slight increase of the
joint shear strain and column rotation. This difference was in the
order of 5% for the first deflection level, and smaller for the

second and third deflection level.

The fact that this specimen did not show significant
differences form BCJ12 in either observed or measured behavior would
indicate that the concrete compressive strength is not as important a
parameter as previously thought. For the purpose of comparing beam
size effects the results of BCJ10 will be disregarded and only those

of BCJ12 will be used.

5.5 Effect of Slab

In typical reinforced concrete monolithie construction, the
floor slabs are cast as a unit with the beams and columns. Thus, the
slab is an integral part of the structural system and its effect on
the strength and stiffness of the Jjoint should be considered in
design. The specimens designed to examine the effect of the slab
were similar to BCJ8, except that a slab 3.75 in. thick was added
around the joint as shown in Fig. 5-29. The slab had only one top
layer of steel consisting of #3 bars spaced at 12 in on center, and
beginning at about 6 in. from the column face. The intent was to
determine the effect of a slab irrespective of the amount and

detailing of the steel.
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5.5.1 BCJ8 - Control Test

The control specimen for the specimens with slab tests was
BCJ8, which was extensively discussed in the previous chapter. BCJ8

was a replica of BCJ5 except that it carried no axial load.

5.5.2 BCJ9 and BCJ9A - Specimens with Slab

Two similar specimens with slabs were tested. The two tests,
labelled as BCJ9 and BCJY9A, gave very similar results and will be
discussed together. Two identical specimens with slab were tested
because a failure of the hydraulic system midway through the testing
of BCJ9A may have resulted in severe premature damage to the
specimen., Since no data was available for Jjoints with slabs loaded
bidirectionally, a second test was carried out to insure reliable

data.

5.5.2.1. Behavior of Test Specimen

The load-deflection behavior for BCJ9 is shown in Fig. 5-30.
The hysteretic behavior of this specimen was not very different from
that of BCJS8. The strengths achieved are higher due to the added
moment capacity provided by the slab. The deterioration of strength
and stiffness followed the same patterns as BCJ8. During the first
three cycles, the slab provided the flanges to the beams producing a
T-section as long as the shear cracks at the beam-slab interface

remained small. As soon as the specimen was taken to the second
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deflection level, the cracks between the slab and the beams became

large. The slab had little influence on the shear strength and '

stiffness of the Jjoint throughout the remaining load history. In
fact, the large moments generated in the floor may have increased the

shear action in the joint.

The first flexural cracks in the beams and shear cracks in
the joint were observed at LS 7. The patterns were very similar to
those in BCJ8, except that the inclined cracks at the top of the
North and west beams extended into the slab. At this stage the beams
and slab had begun to separate from the column, and some radial
cracking was observed near the loading points in the slab. By LS 12,
see Fig. 5-31 , the cracking in the beams was extensive, and several
shear cracks were evident at the NE and SW corners of the joint.
There was extensive flexural cracking of the column at this stage,
primarily due to the absence of an axial load. Cracks in the column
extended throughout the height of the column, and were evidence of
the décrease of the column to beam moment ratio created by the

addition of the slab.

During the second deflection level, few new cracks formed.
Shear cracks at the bottom of the North and South beams were very
wide, and crushing and spalling occurred in the compressive zones of
these beams. Significant crushing of the compression blocks in the

Q‘.
column also took place at this deflection level; specimen BC{é; on
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Figure 5-31 : BCJ9 at ILS12

Figure 5-32 : BCJ9 at LS 124
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the other hand, exhibited very little if any crushing at all in the
column (see Fig. 5-32). At the third deflection level, more crushing
of the compression zones in the beams and column was evident, as well
as crushing of the slab at the beam-slab interface. The beams
separated totally from the column, and the only slab contribution at
this stage was that of the small amount of steel reinforcement still

acting as tensile reinforcement.

5.5.2.2. Deflection Measurements

The deflection components for BCJ9 , shown in Fig 5-33,
exhibited trends similar to those of BCJ8, except for the higher
values of column rotation in the first deflection level. The
small additional decrease in elastic contribution due to the slab is
balanced by a in.crease of inelastic beam deformation. The ratio of
inelastic beam/column contribution also decreased slightly, an
unexpected result, since the beam-slab assembly is much stiffer than
that of the beams alone. The joint rotations, as shown in Fig, 5-34,
are very similar for the two specimens, and prove that the slab did
have a significant effect on the behavior at large displacements (LS
136) since the Jjoint rotations were about 30% to 40% higher. It
should be noted that comparisons of stiffness between BCJ8 and BCJ9
showed that the slab specimen was about 30% stiffer at the first
deflection level, and that this difference narrowed to about 20% at
the second deflection 1level, and finally to 15% during the third

level. In the specimen with the slab a hinge seemed to have formed



20/
0.50 ors .00

025

168

JOINT SHEAR

Y

A COLUMN ROTATION

\\\_}LFLEXU RE
1 1 1 1 1 ]

A BEAM ROTATION

I 2 3

6

7 8 9

INTERSTORY DISPLACEMENT (in.)

Figure 5-33 : Deflection components for BCJ9

o
a
<
= 124
= 68
-
O
o 12
«
6.0
ID (IN)

136
Figure 5-34

Joint rotations for BCJ9



169

in the Jjoint area, as shown in Fig. 5-35. No appreciable inelastic
column deformations were apparent outside the joint, and no clear

hinges in the beams were apparent either.

Finally, the addition of the slab decreased sharply the
torsional deformations of the beam ends that had been observed in the
specimens without slabs. The increase in torsional stiffness
provided by a slab resulted in a decrease in the amount of cracking
in the beams away from the joint. The deformations in the beams were

concentrated near or inside the joint.

5.5.2.3. Steel Strains

'The strains measured for this test indicated that the NW
corner column bar began to yield above the joint at LS 10, while that
at the SE corner below the joint did not yield until LS 36.
Unfortunaﬁely, many of the column gages were damaged by the vibration
during casting, and thus only a limited number were operational

during the test.

The longitudinal steel began to yield at LS 9 for the North
beam and L3 11 for the West beam, indicating that the full strength
of the beams was mobilized in this first load cycle. As for all
previous tests, the bottom bars yielded around LS 9, and began to
slip through the joint quite early in the load history. The strains

measured in these bars near the joint are shown in Figs. 5-37 and
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5-38, and indicate that very large tensile stresses were present as
far away as 16 in. from the joint face due to the breakdown of the
bond . The strains measured in the joint hoops indicated that
yielding began around LS 11, and that much more yielding than in
previous specimens was occurring in the bottom hoops during the

initial load stages.

5.5.2.4. Evaluation of Performance

The performance of BCJ9 and BCJ9A can be considered
satisfactory in so far as strength and stiffness is concerned. The
specimen was able to withstand very large shear stresses, but at
large drifts the damage to the Jjoint was excessive. The effect of
the slab was to create a T-beam during the initial deflection level;
this effect disappeared as the deformations increased. The effect of
the slab should be taken into account in the design process since it
will lead to lower ratios of the column-to-beam flexural capacity,

and thus cannot be neglected safely .

5.6 Exterior vs. Interior Joints

Although a large number of tests has been carried out on
exterior specimens with slabs, none has been subjected to
bidirectional 1loading. In general, an exterior connection is more
difficult to design because of the need to provide adequate anchorage
for the beam bars in a restricted area. Thus, an exterior connection

designed for cyclic loads usually exhibits severe steel congestion
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and fabrication problems. Transverse steel requirements, such as
those in the ACI-ASCE Joint Committee 352 Recommendations, are often

difficult to apply in practice.

In order to make comparisons between exterior and interior
connections, the geometry and reinforcement of the specimens was left
unchanged. Development 1lengths for the top bars in the exterior
Jjoint specimens were only 75% of those required by the new Appendix A
of ACI 318-83 when the design material properties were used.
Utilizing the actual material properties, BCJ13 had 88% and BCJ14 had
96% of the required development lengths. The tail extension of the
top and bottom beam bars created a "steel wall" in the exterior part
of the joint. This is shown in Fig. 5-39. The two exterior
specimens (BCJ13 and BCJ14) were tested without axial loads, and were

similar except for the presence of a 3.75 in. slab on BCJ14.

5.6.1 BCJ13 -~ Exterior without Slab

5.6.1.1. Behavior of Test Specimen

The load deflection behavior of BCJ13 1is shown in Figs
5-40 and 5-41. In the NS direction, parallel to the edge of the
specimen, the behavior of BCJ13 was similar to that of BCJ8, its
control specimen. With beams on both sides of the column, the
calculated yield loads were reached only in the positive direction of

loading. In the negative direction, the beams reached only 70% the
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yield load because the onset bond deterioration in the joint area
caused the reduction of the moment arm.. In the EW direction, normal
to the edge, the beams never reached their calculated yield loads
because inadequate anchorage of the hooked top hooked bars resulted

in an early bond failure.

It was possible to observe the cracking across the joint,
since there was no framing beam on the East side. By LS 7, a major
inelined crack had formed in the Jjoint face at an angle of about 45
degrees, as shown in Fig. 5-U44, The beams showed the usual flexural
and flexural-shear cracking at this load stage, while only minor
flexural cracking was evident in the bottom SE corner of the column.
By L3S 12, much more shear cracking was present in the joint area, and
there was some evidence that the joint cover in the East face had
begun to separate from the steel in the column. This separation
began in the top SE corner, and comprised the triangle shadowed in
Fig. 5-42. Loading to the opposite peak, LS 24, resulted in a
crisscrossing pattern of cracks in the exposed joint face, but by
this time the cover had completely separated from the steel. The
East legs of the joint hoops were bent outwards by the prying forces
from the tail extensions of the 90 degree hook on the beam West beam
bars. Prying caused the concrete cover to separate from the Joint
core, The column showed some flexural cracking at both top and
bottom at this stage, while the beams had only flexural cracking in

the tension faces. By LS 68, as shown in Fig. 5-43 ,, the cover on
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Figure 5-42 : BCJ13 at LS .24

Figure 5-43 : BCJI13 at IS 68
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the wupper NW corner of the East face of the Jjoint was clearly
separated from the joint core and was removed. The removal of this
concrete showed that the top longitudinal bars in the West beam had
pulled out about 0.25 in. from’their original position, and the East
leg of the top Jjoint hoop was bent outwards by about 0.2 in. The
tendency to continue to pull out the hooked bars increased as the
load history progressed, with the additional pullout of the bottom
bars of the West beam around LS 80. The top bar hooks pulled out
from their original position by about 0.5 to 0.6 in., while the
bottom hooks pulled out slightly more at LS 136. The whole face of
the Joint separated by LS 124, significantly decreasing the column
capacity and thus severely impairing the strength of the subassembly.
Little cracking was observed in the second and third deflection

levels, as the deformations concentrated in the joint area.

5.6.1.2. Deflection Measurements

The calculated deflection components for the North-South
direction were similar from those of BCJ8. For the East-West
direction the slippage of the top longitudinal bars resulted in poor
correlation of measured to calculated components. As shown in Fig.
5-44, the contributions of the beam rotations were very high
throughout the 1load history. At the second deflection level the
contribution of the column rotation, shadowed in the figure, was
negative., Since the plotted values refer only to the first peak at

each deflection level and do not represent an average, this would
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indicate that large slippage of large bars cannot be easily accounted

for in the proposed deflection calculations.

5.6.1.3. Steel Strains

The measured steel strains show that while the top
longitudinal steel in the North beam yielded during the first cycle,
the steel in the West beam did not. Measurements at the beginning of
the hook on the west top middle bar indicate that the steel in the
hook began to yield around LS 6. This gage continued to show
yielding as the deformations increased, but those about 7.0 in away,
at the Jjoint face, never reached yield. This confirms the visual
observation that the hooks probably began to slip as early as LS 7.
The bottom bars in the West beam did yield when the load was reversed
the first time, but began to slip when the load was reversed at the

second deflection level.

The strain gages in the column did not show any yielding,
altﬁough slippage occurred in the SE corner bar at LS 12. With
cyecling, this deterioration continued, until the bond breakdown
extended as far as 8 in. into the column by LS 144, The joint hoops
began to yield in the East face around LS 7, the product of the
prying action of the hooked bars already discussed. The other 1legs
of the joint hoops did not yield until LS 66, with almost all of them

yielding simultaneously.
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5.6.1.4., Evaluation of Performance

The behavior of BCJ13 was unsatisfactory. The West beam
never achieved its calculated strength due an anchorage failure which
resulted in extensive spalling and crushing in the joint area. The
results of BCJ13 point out that detailing of the anchorage in an

exterior joint is probably the key to satisfactory behavior.

5.6.2 BCJ14 - Exterior with Slab

5.6.2.1. Behavior of Test Specimen

The load-deflection diagrams for BCJ14 , shown in Figs.
5-46 and 5-47, clearly demonstrates that the West beam performed much
better in in BCJ14 than on BCJ13, the specimen without a slab. The
EW beam reached its calculated capacity without the longitudinal bars
failing at their anchorage. The additional flexural capacity
provided by the slab steel is the best explanation for the difference
in behavior In the early stages of the load history, the strains in
the hooked bars for BCJ14 were smaller than those of BCJ13 because
the slab steel helped to keep the stresses low by redistributing them
to the slab along the NS edge. Obviously some of the moment is being
transferred to the column as torsional forces through the edge beam.
The West beam also reached its yield strength in the opposite
direction, and showed a less pronounced loss of strength with cycling
than any other test. The behavior of the North-South direction

(parallel to the edge beam) was less satisfactory, and it follows the
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patterns already described for tests with beams on both sides of the
joint. The NS direction showed severe losses of strength between the
first and second ecycles at higher deflection 1levels and more
significant pinching of the hysteresis loops near the zero deflection

position in the larger deflection levels.

The observed behavior of BCJ14 did not differ substantially
from that of BCJ13, except that the separation of the East face cover
of the joint was delayed until the second deflection level. At LS 7,
the joint showed some large inclined cracks, as shown in Fig. 5-U48.
Since the cover remained intact for much longer than in BCJ13, it is
possible to see the crossing crack pattern formed by the load
reversal to LS 24. The slab began to crack at LS 5, with cracks
propagating into the slab from flexural cracks in the beam. The
cracks formed perpendicular to the beams for a distance about equal
to one beam width during the first deflection level, as shown in Fig.
6-6. At greater deformations, the cracks radiated away form the
joint as shown in the same figure. Most of the initial cracking was
confined to the top of the North and West beams, while no flexural
cracking was evident at the bottom of the South beam. At LS 12, the
beams had separated from the Jjoint for about 50% of their depth ,
while extensive flexural cracking began to appear in the column
corners in tension. Some compressive crushing was apparent at the
bottom of the North and West beams, but not in the column corners.

Loading to higher load stages created some more shear cracking in the
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: BCJ14 at 1S 24

Figure 5-48

: BCJ14 at 1S 68

Figure 5-49
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East joint face, until the concrete separated near LS 124, The bar
slips observed in this specimen were about one half of those of BCJ13

and gave another indirect indication of superior performance.

5.6.2.2. Deflection Measurements

The observations made for BCJ13 in terms of the calculated
beam deflection components are also valid for BCJ14 (see Fig. 5-50).
The contribution of the beam rotations beginning at the second
deflection level, when the bars began to slip. are uncertain, but
probably larger than those measured in other specimens. The measured
Jjoint shear strain were very similar to those of BCJ13, while the

joint rotations were slightly smaller in the East-West direction.

5.6.2.3. Steel Strains

The steel strains measured for BCJ14 confirmed that the top
longitudinal bars had indeed yielded during the first cyecle, and
continued to do so at the first peak for the next two deflection
levels (See Figs. 5-52 and 5-53)f The strains measured at the hooks
of these bars, surprisingly, showed no yielding until LS 68, and
confirmed that no slippage at the anchorage occurred during the first
deflection level, The top reinforcement in the North beam yielded at
LS 11, while the bottom reinforcement in the South beam yielded at LS

10, and slip occurred before that.

The column reinforcement showed some yielding at the SE top
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corner at LS 12, but he bar did not slip until LS 80. The column bar
strains for this BCJ14 were larger than for BCJ13, but the column did
not seem to loose capacity as fast, probably because the loss of
section due to thé separation of the East joint cover did not take
place until the second deflection 1level. The ties showed some
yielding in the Et leg during the first cycle but yielding for the
remaining legs did not occur until the first positive peak at the

second deflection level,

5.6.2.4, Evaluation of Performance

Specimen BCJ14 (with slab) showed much better behavior than
BCJ13 (without slab) in terms of hysteretic response and ability to
maintain strength. The anchorage details for both specimens were
identical, so the improvement in behavior is 1likely due to the
presence of a slab. The 3lab reinforcement delayed slip of the
longitudinal bar of the West beam by providing an alternate path for
the load to go from the slab into the column. The load was
transferred as a torsional force through the North-South beams to the

column, rather than as a flexural force through the hooked bars.

5.7 Conclusions

In Chapters 4 and 5, the behavior of specimens BCJ5 through
BCJ14 was reviewed. It is clear that bar slippage and yield
penetration rather than shear strength are the controlling mechanisms

for the beam-column geometries tested. Only two of the specimens,
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BCJ11 and BCJ15 can be said to have performed unsatisfactorily.
BCJ11 failed early due to the lack of lateral restraint provided by
the small framing beams. BCJ1 failed early due to the anchorage
failure of the hooked bars. The rest of the specimens performed well
during the first displacement level (2% drift), and only deteriorated

when the drifts became unrealistically large (4% to 6% drifts).

The data collected in this test series indicates that the
current design procedures, based on permissible shear stresses, are
probably conservative. However, it is clear that joint design should
take into account not only shear stresses, but also bond conditions
and framing beam size. In the next chapter the behavior of the
specimens tested will be summarized with respect to stiffness, shear
strength and bond deterioration . A review of the joint capacities
given by different design methods is also included, and a preliminary

design procedure is suggested in Chapter 7.



Chapter 6

Evaluation of Experimental Data

6.1 Introduction

In this chapter the performance of the tests described in
Chapters 4 and 5 will be examined in greater detail. The shear
strengths predicted by current design procedures will be compared
with the experimental values. The hysteretic response and the
influence of bond on the performance of these subassemblages will be
analyzed. Finally, the effect of the lateral restraint provided by
the floor system will be discussed. In Chapter 7 design guidelines
for beam-column joints are presented. The guidelines evolve from the

evaluation of test results presented in this Chapter.

The behavior of six of the eight tested specimens will be
used for this discussion. Specimens BCJ9 and BCJ9A, with slabs, will
be treated as a single spacimen since no significant differences were
observed. Specimens BCJ10 and BCJ12, with wide beams, exhibited
nearly identical behavior, although the concrete strengths were very
different. For purposes of comparing the effect of framing beam

size, the specmens with the most similar properties were used.

190
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Therefore, BCJ12 will be considered as the typical specimen with wide

beams.

6.2 Shear Strength

The forces acting on a beam-column joint in a frame subjected
to seismic loading produce large horizontal and vertical shear forces
in the Jjoint area. The amount of horizontal shear in a joint is
proportional to the sum of the positive and negative steel present in
the beams at the joint face. For example, if it is assumed that the
beams and columns have about the same cross-sectional area, and that
the sum of the positive and negative reinforcement ratios is about
1.6%, shear stresses between 18{?'0 and 22¥?70 will be be developed ,

as shown in Fig. 6-1.

Since concrete is weak in tension it has always been assumed
that the shear force producing diagonal tension will be the
controlling parameter in joint design. It is clear that shear is not
transmitted through joints by the same mechanisms as in beams, and
therefore the shear strengths obtained from beam-column joint tests
are not comparable to those from beam specimens. This difference is
recognized in design procedures by allowing much higher nominal shear
stresses (up to 24??30) for joints than for beams and columns (up to
8“[?7 ). However, these design procedures apportion the shear

c

strength between the steel and the concrete in various manners. In
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some design procedures , joints may be allowed to carry very large
shear forces. To accomplish this, however, there may be congestion
produced by the excessive amounts of transverse shear reinforcement

required.

The beam-column Jjoint series reported herein shows that
specimens with insufficient transverse joint shear reinforcement
(according to current design practices) nevertheless resisted and
maintained very high shear stresses. As can be seen from Table 6-1,
maximum nominal shear stresses in the test specimens werevery large.
In this table the data for all tests is shown to indicate that the
maximum shears attained were not significantly different from those
expected (See Appendix B), unless an early failure occurred (BCJ3,
BCJ11, and BCJ13). The maximum shears shown in this table refer to
the vectorial sum of the shears in the two principal horizontal
directions (See Fig. 6-2(a)). The shear stresses are based on a
nominal area of 185 in.2. Note that the normalized shear is very
sensitive to the shear area assumed . The gross area of the column‘
is 225 in.2, while the core area is only 144 in.2. The shear area
used corresponds to the width and effective depth for the case of
uniaxial loading. The width was equal to 15 in. and the depth to 12.3
in. In general, the shear in the two principal horizontal directions
did not differ by more than 10% at the peaks, so the resultant can be
considered to be oriented at 45 degrees from the axis of the beams

for the interior joints, and about 30 degrees from the spandrel for

the exterior joints.
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Specimen Max. Shear (1) Max. Shear (2) Max. Shear (3)
Number (kips) (psi) Normalized
BCJ1 359.7 1940 28.0
BCJ2 396.7 2132 33.3
BCJ3 338.3 1819 27.6
BCJ4 346.4 1862 29.1
BCJ5 - 332.0 1794 27.7
BCJ6 317.1 1705 25.8
BCJ7 328.5 1766 25.5
BCJB: 305.0 1648 25.1
BCJ9- 379.0 2048 30.5
BCJ9A 365.4 1972 28.5
BCJ10 295.0% 1594 30.1
BCJ11: 264.0 1427 21.3
BCJ12- 339.0 1837 27.3
BCJ13» 206.0 1135 16.4
BCJ14 - 290.0 1567 21.7

(1) Maximum shear is the vectorial addition of the North-South
and East-West shear forces. The resultant acts at about
45 degrees from the main structural axis.

(2) Effective area assumed to be 185 in.z for all cases, as
shown in Fig. 6.1

(3) Maximum shear stress divided by —{ETC
(*) Estiamated

Table 6.1: Summary of shear strengths
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Vectorial addition

Top view of joint

(a) Calculation of joint shear in the joint
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(b) Definition of effective joint width. (Ref. 7)

Figure 6-2 : Calculation for joint shear
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The maximum shear stresses shown in Table 6~1 correspond to
the maximum shear that could be introduced into the joint by the beam
reinforcement. The exceptions are BCJ3 in which a hinge formed in
the column, BCJ11 in which a combination of bond , flexure and shear
failure occurred, and BCJ15 where the anchorage of the hooked bars
failed. Thus, the values shown are not the actual shear strengths at
failure but rather the maxima attained during the tests. The average
values for the normalized shear strength are 26.5wr?3c for all
specimens and 27.64?;c for the specimens that did not show an early
failure (all except BCJ3, BCJ11, and BCJ13). This would correspond
to about 184?}0 in the uniaxial case, a value very close to the

maximum allowed by most design procedures.

Table 6-2 shows the values of maximum horizontal joint shear
at the positive and negative peaks. It is clear that the maximum
shears attained for the first positive peaks are in general higher
than those of the negative ones by about 5 to 10% for the first
deflection level, and 10 to 15% for the second one. This difference
disappears in the second and third cycles at each deflection level,
where the values tend to equalize. It is interesting to note that
the values at the first peak of the first and second deflection level
are not very different, while that for the first peak at the third
deflection level reflects the fact that the descending portion of the
shear strength envelope has been reached. It is clear that the shear

strength is regained as the deflections increase from the first to
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the second deflection level, but that by the time the third cycle at
the second deflection 1level 1is reached the shear strength is
degrading rapidly. It should be recalled that a moment resisting
frame is not likely to undergo such a severe load history even during
a major earthquake, unless P-Delta effects become important.
Therefore the extreme degradation of shear strength observed in these

tests is not likely to be reached in practice.

It would be conservative to assume in design a value of shear
strength for the cyclic loading case equal to the average of the
second and third cycles at the first deflection 1level. With the
exception of BCJ11 and BCJ15, the average reduction in shear strength
with cyeling for the first deflection level was 144 to 25% for the
positive peaks and 11% to 17% for the negative peaks. Comparisons of
this type for all the tests ( See figures in Appendix D ), showed

that a reduction factor of 0.70 for cyeclic loading seems reasonable,

A comparison of the allowable uniaxial shear strengths given
by the different design procedures described in Chapter 3 are shown
in Table 6-3. The individual contributions of steel and concrete are
shown in Table 6-4. It must be noted that all these design
procedures are not applicable to all BCJ specimens. For the exterior
Jjoints and the very wide or narrow beams, the most optimistic
assumptions were made in order to obtain the maximum allowable shear
stress values. The biaxial values shown refer to the vectorial

addition of the unidirectional capacities along a 45 degree plane.
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Table 6,3 Uniaxial Predicted Shear Strengths

ACI New Meinheit Flexure
Specimen 352 Japan Zealand & Jirsa (3) Measured
BCJ5 169 187 97 233 225 234
BCJ8 116 187 45 233 225 215
BCJ11 137 187 97 233 253 186
BCJ12 169 187 97 233 235 239
BCJ9 116 187 45 233 253 267
BCJf;(l) 116 187 45 233 235 187
BCJ{4(2) 100 187 45 233 150 100
BCJig(l) 116 187 45 233 253 237
BCJ%é(Z) 100 187 45 233 150 166

(1) North-South direction (two beams)
(2) East-West direction (one beam)

(3) Calculated using actual material properties and ultimate strength
analysis
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The reason for calculating the highest allowable rather than
a minimum shear is clear from Table 6-5. In this table the ratios of
the predicted to the measured capacity are shown. Most of the
procedures underestimate the strength of the joint significantly,
particularly in the case of the New Zealand provisions which allocate
shear capacity to the concrete only when a column axial load is
present. It must be recalled that the New Zealand reccomendations
were derived with the truss mechanism in mind. The situation in
these tests is very different, since large bar slips and bond
deterioration occurred. Thus, large discrepancies in the predicted
and measured strengths should be expected. The ACI-ASCE 352
Committee recommendations also underestimate the strength
significantly, although this procedure allocates about twice as much
shear to the concrete as to the steel in most cases . The Sugano and
Koreishi procedure assigns most shear (about 80%) to the concrete,
and in most cases correlated well with the measured strengths. The
Sugano and Koreishi procedure is not intended for exterior joints,
but the results even for that case are very good. The Meinheit and
Jirsa procedure, which was used to design the specimens in this test
series, gives excellent correlation with the measured shear strengths
» except for exterior joints for which no specific guidelines are
given., The last column in Table 6-5 refers to to the maximum shear
strength that could be introduced into the joint assuming that the
beam steel was yielding, an © = 1.1 , a maximum top column shear of

30 kips , and assuming the known material properties. This value is
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an estimate of the maximum shear expected to be introduced in the
Joint area during each test. Thus, if this value is close to 1.00,
the specimen reached the flexural strength of the beams and the shear
strength obtained represent a maximum measured quantity rather than a
failure value. If this value is less than 0.90 then probably some
mechanism other than beam yielding governed the behavior of the

specimen.

The values from the table indicate a very large scatter in
calculated shear strength. Since the design procedures are based on
different assumptions scatter is to be expected. It must be pointed
out that most procedures are to be used in design to provide a safe
lower bound to shear strength, and are not intended to predict actual
shear strength by analysis. However, it is clear that there is no
method currently available that accurately predicts the shear

strength of all types of joints.

The values from the table also show that the contribution of
the concrete to the shear strength, while hard to quantify, may be
very large. The shear capacity provided by the 2 #U4 ties present in
the joint is only 45 kips in each direction. The difference between
this and the measured shear force must be be carried by the concrete.
The concrete had to carry, at the peaks, a shear force of 175 kips in
each direction, which would be equivalent to about a 945 psi shear

stress. It is not likely that the concrete can carry such a stress
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Table 6.5. Normalized Uniaxial Shear Strengths (1)

Specimen ACI New
Number 352 Japan Zealand M&J Flexure
BCJ5 0.72 0.80 0.42 1.00 0.96
BCJ8 0.53 0.87 0.21 1,08 1,04
BCJ11 0.74 1,00 0.52 1,25 0.73
BCJ12 0.71 0.79 0.41 0.98 0.98
BCJ9 0.43 0.70 0.18 0.87 0.95
Interior

X = 0.63 0.83 0.35 1.04 0.93

o= 0.14 0.11 0.15 0.14 0.12
BCJ;&?Z) 0.62 1.00 0.24 1.24 0.79
BCJ;Z(B) 1.00 1.87 0.19 2.23 0.66
BCJ;%}Z) 0.49 0.79 0.19 0.98 0.93
BCJL§23) 0.60 1,13 0.27 1.40 0.90
All

X = 0.65 0.99 0.29 1.26 0.88

o= 0.17 0.35 0.13 0.14 0.13

(1) Predicted shear strength by each method divided by measured one.

(2) North-South direction (two beams)

(3) East-West direction (one beam)
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through a diagonal tension mechanism. Such a load could only be
carried by a large concrete strut acting between opposite corners of
the Jjoint. A strut with an area of 80 in.2 and with stresses of
about 75% of the concrete compressive strength would be required to
carry this 175 kips of horizontal shear. The size of the framing
member will obviously influence the size of the strut. Thus it is
likely that for the specimen with narrow beams the strut area was
small and the compressive stress high, while the opposite would be

true for the wide beam specimens.

For the case of biaxial loading, given the extensive cracking
observed at the joint corners, a single large strut is not realistic.
On the other hand, series of smaller struts whose required end
restraints are provided by the beam and column compressive blocks
rather that by the joint shear reinforcement, are quite possible.
The important difference between this and the mechanism already
discussed in Chapter 2 is that all the framing members are required
to be present and loaded to confine the joint. This mechanism will
be more fully discussed in Section 6.5, where the effect of framing

member geometry on joint performance will be treated.

In conclusion, the shear strength of joints is probably very
high compared to the shear values generally associated with
reinforced concrete. The primary reason is the presence of framing

members which confine the joint and allow very large forces to be
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transmitted by several inclined concrete struts. Any design
procedure for joints in monolithie reinforced concrete structures
must take geometric effects into account to reflect observed

behavior.

6.3 Hysteretic Behavior

To withstand moderate earthquakes without much structural
damage and survive major earthquakes without collapsing, structures
must be provided with certain stiffness, strength and energy-
dissipation capacity. The stiffness is provided by the member sizes
and material properties, while the energy dissipation is essentially
a function of the location and detailing of those critical sections
where most energy must be dissipated. In the case of moment-
resisting frames, the beam ends and bottom story columns must be
provided with large rotational capacities, while the beam-column

Jjoints and the remaining columns must be made as strong as possible.

In general the energy dissipation capacity of a section is
related to its hysteretic behavior. It is assumed that if a
particular section shows large, non-deteriorating hysteretic 1loops
its behavior under seismic loads will be satisfactory. Tests show
that such behavior may be difficult to obtain in reinforced concrete
structures because of cracking, shear distortion, and deterioration

of bond trough the joint.
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In Fig. 6-3 the typical hysteretic behavior for a reinforced
concrete member is shown. In Fig 6-4 the main mechanisms
contributing to this <type of behavior are outlined. To obtain
satisfactory behavior from a reinforced concrete section shear

failures and bond deterioration must be avoided or delayed.

The hysteretic behavior can also give a measure of the
stiffness of the system, since the slopes of the hysteretic loops
correspond to the stiffness of the system. The importance of
stiffness in moment-resisting frames resides in the need to limit
interstory drifts to control both the damage under a moderate
earthquake and the secondary moments under a large earthquake. A
compromise between stiffness, strength, and energy dissipation
capacity must be reached in design since all three can rarely be
achieved simultaneously given practical and economical
considerations. Stiffness requires large sections and high strength
materials, while energy dissipation requires deformable sections and

ductile materials.

The hysteretic behavior of the BCJ test series was described
in the previous chapters. In general, the hysteretic curves shown
would be characterized as poor since large losses in stiffness and
strength were present. The equivalent peak-to-peak stiffnesses and
the area of the loops for these tests are summarized in Table 6-6 and

6-7.
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The peak-to-peak stiffnesses for the North and South beams
(Table 6-6) do not show a significant effect for the original
direction of loading. The values for the North beams were almost
always higher, but only by 2% to 5%. It is interesting to note that
the stiffnesses for the first cycle are about one fifth to one fourth
those found in the uncracked state. Moreover, because of the drop in
strength with cyeling, the peak-to-peak stiffness decreases by 15% to
20% . Although the stiffness continues to decrease between the second

and third cycles, the decline is not as pronounced.

The stiffnesses decreased roughly by one half from one
deflection level to the next. Between the first and second levels
this is due mainly to doubling the displacement, while between the
second and third some significant strength losses reéult in changes
in stiffness larger than the 33% caused by the increase in
deflection. It is clear that the decrease in stiffness is not too
large in the first deflection level, while during the second and
third 1levels the stiffnesses reach values unacceptable in actual
design. It must be emphasized that one would not expect all beams in
a structure to be yielding simultaneously unless a very large
earthquake occurs. Thus, although large changes in stiffness can be
anticipated, one must be careful in extrapolating the changes in
stiffness for an individual beam to the overall stiffness of the

structure.
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The areas of the loops under the hysteretic curves for the
North beams in all the tests are shown in Table 6-7. Three values
are given in the table for each cycle of loading. The first is the
actual area of the loop in kip-in. The second is the area of the
loop normalized with respect to the largest loop in that test. The
third value is the area of the loop normalized by the area of the
largest loop of all the tests (first cycle at the third deflection

level for BCJ19).

As previously discussed, these areas are a measure of the
energy dissipation capacity. For the case of an elastic-perfectly
plastic system, and given the calculated member strengths, the area
under a single loop would be in the order of 130 kip-in. during the
first cycle. The best performance, by BCJ12, achieved only about 30%
of this value. Large losses were noted between the first two cycles
at the first deflection level. These losses were typically on the
order of 60% to 70%. The results indicate that the specimens had
unsatisfactory hysteretic characteristics when the lateral drifts
approach 2%. The performance was marginally better at the second
deflection level. If it is assumed on the basis of an elasto-plastic
model that the energy dissipation capacity for this case should be
about twice that of the first deflection 1level, in most cases the
first cycle at the second deflection level equalled or exceeded twice
the value for the first. Perhaps as important, the deterioration

between cycles was not as large with values varying between 35% and
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55% in most cases. For the third deflection level the situation is
reversed; the specimens were so damaged at this stage that only the
specimen with a slab (BCJ9) was able to obtain a value close to three
times that of the first deflection level. In general, it can be said
that the energy dissipation performance of these specimens was poor.
The deterioration of bond, bar slip, and crushing of the compression
areas are the main contributors to this unsatisfactory behavior.
Comparison of these test results with those of other investigators
shows that the amount of deterioration will decrease as more
realistic ranges of column reinforcement and larger amounts of joint
reinforcement are utilized. Thus actual beam-column joints designed
according to the recommendations of the ACI-ASCE 352 Joint Committee
will certainly show better behavior than that evidenced by the BCJ

sSpecimens.

Although it is difficult to compare the energy dissipation
capacity of different specimens, some conclusions can be drawn from
Table 6-7. The specimens with the best confinement, BCJ12 (wide
beams) and BCJ9 (slab), showed the best overall behavior. The
specimen with the worst confinement, BCJ11, and those without axial

loads, BCJ8 and BCJ15, showed the least satisfactory behavior.

The main reason for the unsatisfactory hysteretic behavior of
the specimens in this series can be traced to the low ratio of column

flexural capacity and the high shear stress levels. The typical
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moment ratios for these tests were in the order of 1.25, with a
minimum of 1.13 for test BCJ11 (See Appendix B). The shear stresses

P
in the joint were 1in the range of 20 to 30 yf', for most peaks,

c
considerably exceeding the cracking limit. Due to the small
percentage of joint reinforcement extensive shear cracking of the
joint, and the consequent deterioration in behavior, could not be
prevented. The drop in stiffness and energy dissipation capacity can
also be explained by the large amount of inelastic action apparent in
the columns, particularly in the 1latter loading cycles. The 1low
ratio of column to beam flexural capacity used in this test series is
the result of one of the main objective of the study, i.e., the
desire to introduce very large shears in the joint area. Thus, one
would not expect the members in well-detailed moment-resisting frames
to have such a low ratio of column to beam capacity. The tests
confirmed that adding column 1longitudinal steel, rather than
increasing the area of the column, is not a satisfactory solution to
increase the column moment capacity. Tests and experience have shown
that beam-column joint subassemblages with column-to-beam capacities

less than 1.20 perform poorly, while those with ratios higher than

1.80 perform very well.
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6.4 Bond Conditions and Bar Slip

The problem of anchoring longitudinal bars through beam-
column joints is well known. As shown in Fig. 6-5, the bond stresses
through the joint are directly proportional to bar diameter and
inversely proportional to the depth of the column. In order for a
joint to perform satisfactorily the bond stresses must be kept low,
particularly if the bars are going to be cycled through several
inelastic load reversals. While a particular upper limit for bond
stress in the joint has not been defined, tests have shown that bond
stresses  higher than 800 psi bars vresult in unacceptable
deterioration with cyecling. By fixing the value for a maximum
allowable bond stress, the size of the beams and columns would need
to be proportioned to the diameter of the largest bar anchored in
that member. For example, for an allowable bond stress of 800 psi
and a total bar stress change of 60 ksi across the joint, the minimum
column depth would need to be about 18 times the diameter of the beam
bar. Since the design philosophy for ductile moment resisting frames
requires yielding at one side and some compression at the other in
order for the to satisfy strain compatibility, the minimum column
depth should be about 24 times the maximum bar diameter. It is
important to recognize that this requirement extends to the column
bars also; they need to be anchored through a distance given by the
beam depth. Since the column will not be required to yield, this

requirement could be relaxed if we can assure that the 1level of
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stress in the column bars will be below yield. However, these tests
as well as those by Ehsani [31] and Durrani [29] show that bond
deterioration can occur even if the level of bar stress is well below
yield; thus an equivalent requirement for column bars would have to
take into account the amount of cracking to be expected due to shear
and bond stresses as well as geometric considerations involving the

lateral restraint of the column corners by framing members

For the series of tests reported herein, the measured bond
stresses for the negative moment reinforcement should have been
considerably above the 800 psi 1limit discussed above. In theory,
assuming the bar to be yielding on one side of the joint and carrying
some compression on the other, the resulting average bond stress
through the joint would be about 1300 psi. It is recognized that the
bond stresses are not equally distributed along the bar. Therefore

the bond stress near the yielding end must have been higher [ 108].

In practice, large bond stresses through the joint were not
achieved. Figures 6-6 and 6-7 show the bar stresses versus
interstory displacement for a longitudinal bar at the column face of
the East-West beams. From the strain gage in the East side of the
joint, see Fig. 6-14, a tensile stress of about 14 ksi was reached
during the application of the dead load (0.10 in. downwards). As
soon as the direction of loading was reversed, the bar was unloaded,

reaching the zero stress level when it had deflected about 0.3 in.
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upwards. As the deflection was increased in the same direction,
however, the bar did not continue to pick up compression as expected.
After reaching about a 5 ksi compressive stress at L.S. 5, the bond
across the Jjoint began to deteriorate and the gage began to show
tensile stresses. By the time the first peak was reached (L.S. 12),
the tensile stresses were around 14 Kksi. Surprisingly, these
stresses did not decrease as the load direction was reversed. The
stresses appeared to be "locked in" and the bar kept picking up
tension as the beam moved back to the unloaded position. As the beam
began to be loaded downwards, the gage began to show substantial

amounts of tension, and yielded neaf L.S. 22 .

The second and third cycles at this deflection level
indicated very little if any tension when the beam was loaded upwards
(L.S. 32 and 48), and no evidence of yielding when loaded downwards
(L.S. 40 and 56). When loaded to the second deflection level, the
bar showed the same type of behavior as in the first cycle of the
first deflection 1level. The only differences were that the bar did
unload 1lightly when the load was reversed at L.S. 68, and that
substantially more yielding was observed at the second negative peak
(L.S. 80). Cycling at the second and third deflection levels
resulted in more substantial compressive stresses when loaded upwards
(L.5. 88, 104, 124, and 140) and no yielding when loaded downwards
(L.S. 96, 112, and 136) Thus, the onset of bond deterioration can be
traced to the top of the first cycle, but the bar was transfering

some stress to the concrete throughout most of the load history.
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By contrast, the stresses measured by the gage at the other
side of the joint show significant early deterioration. At the West
face tensile stresses of about 11 ksi were recorded at the dead load
position, and continued to increase as expected as the beam was
loaded downward to LS 12, the first peak. The bar yielded near L.S.
10 and when the load was reversed, it never showed compressive
stresses. In fact, by the time the first negative peak was reached
(L.S. 24) the bar again had very 1large (35 ksi) tensile stresses.
This behavior continued throughout the first and second deflection
levels, and indicated severe bond deterioration and yield penetration
into the joint. By comparison, a gage at 8 in. away from the joint
(Fig. 6-8) and one 16 in. away (Fig. 6-9), showed much better
behavior, although the second gage in the West beam did show yielding

during the second and third deflection level.

The average bond stresses through the joint for this bar are
shown in Fig 6-10. The highest stress achieved was about 920 psi
during the second cycle at the first deflection level; similar values
were achieved for the first four positive peaks. For the peaks in
the negative direction, comparable bond stresses were present only on
the first cycle. This 1is due to bond deterioration, yield
penetration, and bar slip of the bar at the West side of the joint
(See Fig. 6-7). The West side of the bar behaved very poorly, and by
LS 88 (+2£L2)' it had slipped through the joint. This change is

indicated by the fact that this curve is "out-of-phase" with respect
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to that measuring the bond stresses between points 8 in. away from
the column face. The latter, showed by the dotted line, indicate-
better behavior over this distance by its better symmetry about the
X-axis. The "out-of-phase" curve, after LS 88, indicates that the
bar is anchored in the beam at the opposite side of the joint instead

of in the joint itself.

As shown in Chapter 4, there was substantial slip of the beam
longitudinal reinforcement throughout the load history. Bar slip is
evidence of the poor behavior outlined above. Although the bar slip
versus strain behavior under severe cyclic 1loading has not been
clearly established, several models have been proposed, The most
complete and recent model stems form the work of Eligahausen,

Fillippou, Bertero and Popov [32, 35, 26], and is shown in Fig. 6-11.

The slip vs. strain behavior for the top longitudinal bar at
the column face of the East-west beams is shown in Fig. 6-12. The
slip and bér strains were measured at points about 0.25 in. apart
longitudinally. The slip was nearly 1linear with beam end
displacement through most of the 1load history, so it 1is not
surprising that this plot has a shape similar to that of Fig. 6-11.
The plot of the slip of the same bar measured at the at the West side
of the joint is shown in Fig. 6-13. Although the general shape of
the plots is similar to the proposed Berkeley model, some differences

were observed. First, slip did not occur in the first ecycle (LS 1 to
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Bar After an Inelastic Half-Cycle, and (b) Closure of Initial
Cracks and Development of New Cracks on Loading the Bar in

the Opposite Direction. (c) Hysteretic Loop Associated With
the Illustrated Cycling Process [12].

Figure 6-11 : Bar slip versus strain model (Ref. 108)



226

28) even though the slip limit had been exceeded; the curves for the
first cycle follow the monotonic curves rather than the cyclic ones.
Second, as the bar slips became larger, the slip did not take place
suddenly, as a horizontal line would indicate, but rather as at a
constant rate. Finally, the good correlation found for the first
deflection level could not be matched as the deflections became very

large and substantial slips were measured.

From the two graphs it is possible to obtain an idea of the
bar elongation with cyecling. Bar elongation is important because it
can be used to estimate the inelastic beam rotation at the beam-
column face. At L.S. 12 the bar showed a slip of 0.050 in. at the
West face of the joint, while the East side had a slip of only 0.025
in. The difference between the two measurements is made up of elastic
and inelastic deformations. The inelastic deformation represents
permanent bar elongation and can be related to the amount of slip
necessary for the bar to begin picking up significant amounts of
stress when load reversal occurs. It also represents increases in
joint width due to unclosed shear cracks. Assuming a linear
variation of stresses in the bar through the joint, the total
inelastic deformation is about 60% of the measured difference in
slip, or about 0.015 in. (See Fig. 6-14). As cycling progresses, the
elongations ‘increase, causing the cracks at the beam-column interface
to become very large. Thus more slip is required before the bars

become effective upon load reversal, resulting in the very flat
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Figure 6-12 Slip vs. bond stress history for the
top East face of the joint (BCJ8)
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Figure 6-13 : Slip vs. bond stress history for the
top West face of the joint (BCJ8)
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Figure 6-14 : Calculations of slip and elongation (BCJ8)
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slopes of the hysteresis loops already discussed. Very large slips
at the second and third deflection 1levels indicate that bond

conditions along the bar have deteriorated beyond acceptable limits.

The discussion above can be extended to almost any top
longitudinal bar in the test series. Although the exact load stage
at which the bond deteriorated sufficiently to produce a "bond
failure" varied somewhat, it was generally reached between the first
and second cycles at the second deflection level for all tests except
BCJ11 and BCJ14. For BCJ11, the top longitudinal bars were # 10, and
thus the bond stress required for the bars to yield was about 1600
psi. This value could not be achieved, and the specimen failed due
to bond deterioration before the maximum expected shear in the joint
could be achieved. In the case of BCJ14, the hooked bars from the

West beam failed in anchorage before the yield was reached.

The behavior of the bottom # 6 longitudinal bars was better
than that of the top bars. This was expected since the bond stress
demands for the # 6 bars were in the viecinity of 650 psi. The
corresponding results for the bottom bars are shown in Figs.

6-15 through 6-17.

The East bottom gage, in particular, shows excellent
behavior, A compressive stress of 14 ksi was reached during the

negative peak at the first deflection level, and this value increased
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to about 25 to 30 ksi for the second deflection level. A partial
explanation for this large amount of compression is that the cracks
at the beam-column section were very wide, and the steel, due to the
yield elongation, was forced to transmit quite a bit of the

compressive force in the beams.

The specimens in this test series were specifically designed
to fail in shear. However, the behavior of most of the specimens was
controlled by bond deterioration. If bar slip and bond deterioration
are to be avoided, bond conditions should be incorporated into design
codes to prevent early failures such as those observed in these

tests.

6.5 Effect of Framing Member Size

As pointed out in Section 6.2, for the test series reported
herein the concrete in the joint must carry a significant portion of
the shear. In order to carry all this shear, one or more large
compressive struts must form through the joint. For these struts to
act effectively, adequate confinement of the concrete is imperative.
In members subjected to axial and flexural forces, it is generally
assumed that ties or spiral steel reinforcement are needed to provide
proper confinement to core areas. In the case of biaxially loaded
joints, however, the members framing into the Jjoint are carrying

flexural forces that result in the force system shown in Fig. 6-18.



Figure 6-18:

I
J

Forces on biaxially loaded joint
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The lateral members therefore must provide significant restraint to

the joint.

It is clear that the framing members cannot provide the joint
with uniform lateral restraint. The compressive stress blocks in the
beams and column are present at opposite corners of the joint, and
act effectively only as the stresses increase. Thus the members
provide lateral restraint, but act effectively biaxially only when

high shear forces are applied simultaneously.

For subassemblages loaded as in this test series the shear
demand on the joint did not increase until the stiffness of the
system was regained, i.e., when the cracks closed and the compressive
stress blocks of the beams were in contact with the joint. At this
stage of the loading history, which corresponded to about the upper
half of each loading cycle, the shear was being carried by a
combination of strut and truss mechanism. The end conditions for the
truss are provided by the transverse steel in the joint, while that
of the strut is provided by the compressive blocks of the column and
beams. Given the small amount of steel reinforcement present and its
location, it is unlikely that the "interior" truss mechanism, formed
by the transverse Jjoint hoops and intermediate column bars, could
have carried more than 20% of the total shear. The contribution of
the T"exterior™ truss mechanism, formed by the main longitudinal

reinforcement from the beams and column, is probably important but
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impossible to quantify. It must be recalled that for such an
"exterior" truss to perform well, the bond between the steel and the
concrete must remain intact. Since substantial bond deterioration
occurred with cyeling, this contribution probably decreased as the

test progressed.

As a lower bound for test BCJ8 for example, it could be
assumed that the contribution of the "exterior™ truss is small and
therefore negligible during the second and third cycles at the second
deflection levels (See Fig. 4.7). Thus the shear at this stages is
taken by the "interior" truss and the concrete strut. The "interior"
truss can carry only about 63 kips out of the 225 kips of biaxial
shear present; thus the concrete strut must carry about 162 kips of
horizontal force. This represents about 70% of the shear at this
stage and about 50% of that at the first peak for the same deflection

level ( total shear at L.S. 68 was about 320 kips).

This type of separation of the contributions of the steel and
the concrete has been attempted by researchers in New Zealand [9].
Their results 1indicate that while the truss mechanism becomes
effective after the first cracking of the joint, it is not efficient
enough to carry the total shear. On the average, the contribution of
the concrete 1is about 40% and does not seem to deteriorate
significantly with cycling, as shown in Fig 6-19. In light of these

results, and the ones from this test series as outlined in Section
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6.2, the concrete strut appears to be the main mechanism of joint

shear transfer.

Of course, the contribution of the transverse shear
reinforcement remains ecritical. The main function of the transverse
steel may not be to carry the shear but to preserve the integrity of
the confined concrete. Thus, shear reinforcement in the joint area
is necessary, but its effectiveness in resisting shear is limited.
This may help explain why volumetric reinforcement ratios larger than
2% in the Jjoint area do not result in large increases in joint

capacity.

If the transverse steel in the joint cannot be counted to
develop an efficient truss mechanism, the forces in the confining
members must provide the end conditions necessary for the strut to
form. While the strain distribution across the strut is not uniform,
an equivalent strut with a stress close to that of the compressive
strength of the concrete can be calculated as proposed by Zhang and
Jirsa [113]. This model is outlined in Fig. 6-20. The model is
based on finding the compressive force that an equivalent strut can
carry, and modifying this capacity to account for lateral beams,
amount of joint reinforcement, and concrete strength. The physical
interpretation of the strut mechanism in biaxially loaded joints is
shown in Fig 6-22. It is clear that in a member loaded biaxially the
area of the strut can be increased by about 1.4 times that of the

uniaxial case .
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For joints not hinging at joint,

Q = anyf;bc cosa 53 + si

For jointa hinging at joint,

Qc - anYf;bc cosa &,

where,

Q_ = shcar strength under cyclic loading
n =1-0.4(/L)

A = maximum beam end deflection, in.

K = 1.2 - o.1f;

¢ = 0.95 +&.Sos

Ps = transverse volumetric joint
reinforcement, 7

= 0.85 + 0.3(w, /b )
L ¢
w, = beam width, in.

= column width, in.

Figure 6-20 : Zhang and Jirsa's model (Ref. 115)
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direct concrete
strut

Beam
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N— Column compression
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Figure 6-21 : Biaxially loaded joint - strut mechanism
(Ref. 9)
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The effects of framing members can be separated into two
categories. The first, or passive category, refers to unloaded
framing members. The second, or active category, refers to loaded
framing members. The discussion will be limited to this latter case.
From the data obtained in the BCJ series, it is possible to make some
conclusion about the effect of beam size, of the presence of a slab,

and of the amount of force in the members on the equivalent strut .

6.5.1 Framing Beam Size

To define the area of the strut, the size of the compressive
blocks in the beams and columns are critical. From the observations
made during the tests, it seemed that the strains were not uniform
across the compressive blocks of the beams. Thus, an assessment of
the forces needed to provide the end conditions for the strut will
give a distribution similar to that shown in Fig. 6-22. The
extension of Zhang and Jirsa's strut model from uniaxially to
biaxially loaded joints is a matter of determining the appropriate
geometric parameters to fit the assumed stress distribution.
Assuming a triangular shape for the column compressive block, and a
rectangular one for those of the beams (deeper and narrower than
those given by ultimate strength analysis), the resultant diagonal
strut is shown in Fig. 6-23. The resultant strut has an octagonal
shape, the product of several planes limiting the size of said strut.

Obviously, in an unecracked Jjoint, the distributions will not be
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Figure 6-23 : Planes bounding diagonal strut
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linear; in a cracked one, the distribution will depend on the
orientation of the cracks. Thus it is likely that this strut will

bulge and become elliptical near the middle.

As in the case of uniaxially loaded joints, the width of the
framing beams can be considered as a linear factor affecting strut
size and therefore shear strength. It can be hypothesized that the
narrower the framing beams, the more independent the two directions
of loading become. For the case of BCJ11, where the framing beam
width was about 60% of the column width, two almost separate struts,
as shown in Fig. 6-24 probably were present. For the case of BCJi2,
where the framing beam width was about 120% of the column width, a
single large strut, as shown in Fig. 6-25 was present. For the
intermediate case of BCJ5, where the beam width was about 90% of the
column width, a strut similar but smaller than the one for BCJ12

probably was present.

An effort was made to verify the size of the strut necessary
to carry the horizontal shear forces calculated to be present in the
joints tested (See Table 6-8). Assuming that the joint ties are
yielding, and that therefore a truss mechanism is present, a minimum
area for a strut was calculated; the intent was to check whether the
strut could carry the required axial 1load. A minimum strut size
given by planes bounding the compressive blocks of the beams and
column was hypothesized, as shown in Fig. 6-23, and its area at the

midsection computed.
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Figure 6-24 : Strut for BCJll - Narrow beam specimen

Figure 6-25 : Strut for BCJ12 - Wide beam specimen
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For the case of BCJ11, the Jjoint was assumed to have two
independent, perpendicular struts. The total horizontal force on the
struts was about 145 kips in each direction once the contribution of
the truss mechanism was subtracted. The struts, inclined at an angle
of 50 degrees, were required to carry about 226 kips of axial load.
Utilizing Jirsa and Zhang's equations, it was determined that the
required projection of the depth of the compressive blocks on the

2, see Table

diagonal between opposite joint corners was about 64 in
6~8. Assuming that the effective width of the strut was equal to the
average of the beam and the column widths (11.88 in.) , the resulting
strut depth needs to be only 5.5 in. From ultimate strength analysis
this probaly can be provided by the column alone, since the neutral
axis for this case lies about 10.4 in. from the extreme fiber in
compression. Thus, it is unlikely that BCJ11 failed because of a
strut compression failure; if the flexural capacity of the column had

not deteriorated due to spalling, it is likely that the shear forces

from the beams could have been carried without significant problems.

For the medium-size beams test ( 13" by 18"), a similar
analysis was conducted, except that the strut was now assumed to be a
single strut between opposite corners of the joint. It was found
that an area of about 125 in2. was necessary to carry the 263 kips of
shear present in test BCJ5 if the stress level predicted by Zhang and
Jirsa was used., This area could be provided in two manners; first,

by the compressive blocks assumed in the ACI ultimate strength
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Test BCJ5 BCJ12 BCJ10 BCJLL (%)
Case Biax. Biax. Biax. Uniax.
dNA 10.4" 10.4" 10.6" a.= 5.31"
ay 3.24" 2.18" 3.42" a = 4.71
51 10.4" 10.4" 10.6" K =0.75
S, 6.99" 6.85" 7.10" ( =1.01
s; 9.20" 8.39" 9.34" a= 50,2
Area (in) 145 134 148 be= 11.9

Shear cap. s3p4 346 292 188
provided (kips)

Shear cap. 263 274 230 145
required (kips)

(*) Following Zhang and Jirsa for uniaxial case.

Definitions

e— 53— A~

Sy T
3

(a) Strut

'{} SR y Z
_!.’ ISR I %
—f b, // w
l /
Iy ]
(c) Beam - | e

Table 6-8 : Strut size calculations.
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design, resulting in a wide and narrow octagonal strut with an area
of about 130 in2. Second, by a deeper and narrower set of
compressive blocks ( depth = 4.5 in, width = 9.0 in ) modelled on the
strain distribution shown in Fig. 6-21, and giving an area of about
135 in2. Both of these will provide the necessary end conditions
given the assumed stress level. The actual computed area of the
strut (144 in2.) exceeded . the required area. It must be
noted that these calculations have %to be based on some assumption
about the 1level axial stress in the strut. The Zhang and Jirsa
procedure, derived for uniaxially loaded joints indicates a stress of
about 75% of the concrete compressive strength. In the case of the
medium-size beams, the strut is well confined and its ends are in a
state of triaxial compression, this 1level could probably be

increased. Thus it is very likely that the concrete strut can carry

the entire shear force present for this loading case.

For the wide beam tests (18" by 18"), a similar analysis
results in a shallower strut with a hexagonal cross-section. For the
case of BCJ12, the computed area was about 134 in.2, slightly lower
than for the medium-size beam case. This is due to the fact that the
strut could only increase in width slightly before the column corners
were reached, while the depth of the compressive blocks decreased
substantially. The strut, again, could have carried more than the

required shear strength if the stress values of Zhang and Jirsa are

assumed. For the case of BCJ10, where the weak concrete created a
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much deeper compressive block in the beams, the computed area was
about 148 in2. ; this would allow the strut to carry the shear force

present even given the low compressive strength.

The strut areas calculated are considered minimum areas.
Even so, the strut mechanism was able to carry all of the shear
present in the joint, including that which originally had been
assigned to the truss mechanism. It is likely that the compressive
stresses in the strut could be higher than those given by the Zhang
and Jirsa equation. The state of triaxial stress near the ends, and
the probable bulging of the strut near its middle could probably
combine to carry even higher loads. Thus the strut mechanism could
probably carry all the shear present in the joints tested. This
would reduce the steel in the joint area to a confinement function

only.

It is clear, however, that the compresive strength of the
concrete would have become a limit if much higher shear forces were
present, No indication of a strut compressive failure could be found
in any of the tests, including BCJ10 where the concrete compressive
strength was very low. While the geometry of the strut is very
complex, and does not lend itself to a simplified solution, the
author believes that a conservative approximation to the strut size

can be given by :

A t= [1.3 x 1c X ay / cos ¢ ]

stru
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where the terms are defined in Table 6-8. It is intended to apply to
joints with square columns and beam depths not to exceed 1.5 times

the column width.

Zhang and Jirsa have proposed a factor to account for lateral
unloaded members in uniaxially loaded joints. This factor gamma, a

multiplier of the total strut capacity is given by the equation,
y =0.85 +0.30 [ Wy, / hc]

where W; 1is the width of the beam and h, is the size of the column
perpendicular to the framing member. This equation was based on the
statistical analysis of almost 250 specimens of beam-column joints
loaded uniaxially, and where lateral beams, if present, were
unloaded. For the case of biaxial loading a similar equation could
be developed. There 1is, however, insufficient information about
biaxially loaded joints to be able to derive such a expression from
experimental data. Zhang and Jirsa's equation could be extended to
the biaxial case if some conservative modifications are made. First
of all, for joints with framing beams less than 70% of the column
width, the allowable shear stress in the joint should be diminished
by a factor of 0.66 to avoid the type of failure observed in BCJ11.
If the beams are very small with respect to the column, the corners
of the column must be protected to prevent spalling of the cover
concrete and the subsequent poor bond conditions for the column bars.

The observations made during the two tests with beams wider than the
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column did not indicate any particular problem with this type of
geometry. However, the tests do not provide enough data to indicate
that the shear strength can be increased for the case of wide beams.
Moreover, the effective width of the beam should not exceed that of
the column by more than 25% since no data is available for that
range. The main problem is that with very wide beams it may be
nearly impossible to prevent a column hinge or column distress above

and below the floor framing system.

Thus the equation proposed by Zhang could be modified to
account for the effect of wider beams by increasing the factor of

0.30 to 0.35. This will result in an equation :
Yy =.0.8 + 0.35 { W[, / hc 1

with allowable values of gamma between 0.85 and 1.20 . This equation
is applicable only to the case where all the framing members are

locaded.

6.5.2 Effect of a Slab

The effect of a slab on the joint shear strength is very hard
to quantify for two reasons. The first is the lack of data on which
to draw meaningful comparisons. The second is that the slab improves
confinement in only the upper corner of the strut, while the other
end of the strut does not receives any beneficial confinement. It is

clear from tests BCJ9, BCJ9A,and BCJ15 that the slab had a beneficial
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effect on joint confinement. The typical crack patterns for these
tests are shown in Figs. 6-26 and 6-27. The cracks radiating from
the joint, as well as the cracks radiating along the beam sides
indicate that the slab steel carried significant forces and helped
transfer forces away from the critical areas. Since the increased
moment capacity due to the slab results in better confinement for the
Joint it is probable that the overall effect of the slab is to
increase the capacity of the strut. Thus a factor to account for the
presence of a slab could be included. A multiplier of about 1.20 on
the shear strength equation would be included when the summation of
the moment capacity of the beams, including the slab, was less than

70% of the moment capacity of the column.

The effect of framing members on exterior Jjoints could be
treated similarly. The demands on exterior joints, however, are
smaller due to the 1lack of the moment added by the positive

reinforcement on the far side of the joint.

6.5.3 Effect of Column Axial Load

In discussing the effects of framing members on joint shear
capacity, the effect of column axial loads cannot be ignored. It is
clear that a 1large axial 1load on the column will substantially
improve the behavior of the joint. Unfortunately the level of axial

loads present in columns during earthquakes 1is highly variable.
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Compressive working stresses are generally low, in the order of 500
to 1000 psi for low buildings, and probably not more than 1500 to
2000 psi for tall buildings. If this is the case, the current
practice of ignoring the axial load is conservative, and there is no
reason to advocate a change in the manner column axial loads are
treated in Jjoint design. The axial 1load, of course, must be taken
into account when the P-Delta effects become significant. The
secondary moments must be added to those produced by the lateral load
to give a satisfactory approximation to the required moment capacity

for the columns and beams.

6.6 Conclusions

6.6.1 Lateral Restraint

The lateral restraint provided by the floor members, i.e.
beams and slab, has a significant effect on joint behavior,
especially when biaxial effects are considered. Joints with narrow
beams did not provide the column corners with adequate paasive
restraint. This resulted in spalling and loss of section in the
column that led to a premeture column flexural failure even though
the moment ratio for this specimen was well above one. While
specimens with beams 20% larger than the column showed good
performance at drifts up to 2%, the specimens showed degrading

behavior and a shift of hinging from the beams to the column as the
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deformations were increased and losses of column corner sections
occured. It is not advisable to extrapolate these results to cases
of joints with larger framing beams until more experimental data is

available. The effect of a floor slab was

to increase the negative moment capacity of the beams due to
T-beam action; if this effect is not taken into account when
calculating the required moment capacity for the column, hinging
again may be shifted from the beams to the column. The biaxial
loading history imposed on specimens with varying beam widths
emphasize the need for a substantial flexural overstrength of the

column with respect to the floor members.

6.6.2 Nominal Shear Stress Levels

The Jjoints tested indicated that the joint shear strength of
beam-column joints 1is very large. The nominal shear stresses
attained in this study were on the order of 20 to 30’V§70 at the
first peaks, and 12 to 25ﬂ[§}c at successive cycles to drifts of 2%.
These were substantially higher than the 8§ to 101[F'c nominal shear
stresses required to crack the joint in shear; If some inelasticity
is allowed in the Jjoint, these and other tests indicate that
acceptable joint performance can be achieved with moderate levels (12
to 15—J§'c Jof joint shear stress. This would allow a large concrete

strut as those postulated in this chapter to form and carry a
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substantial amount of shear. By reducing the cracking in the joint,
this would also lead to less joint shear stiffness deterioration, and
better overall behavior. The need to keep nominal shear stresses
within these 1limits indicates that the column sizes will need to be

increased

6.6.3 Bond Conditions

The anchorage 1lengths provided in the Jjoint for the
longitudinal bars were clearly insufficient. The top bars, with an
anchorage length of 15 times their bar diamater, showed large slips
and bond deterioration from the first cycle of loading. The bottom
bars, with an anchorage 1length of 20 bar diameters through the
column, performed better initially but bond deterioration and slip
occured with cycling. This and other test series [55] indicate that
an anchorage length of 24 bar diameters is the least required for bar
to show acceptable bond behavior when subjected to large cyclic
loads. Since the stiffness of the subassemblage may be severely
impaired by bond deterioration and bar slip, large anchorage lengths,
and therefore large columns, are required to provide satisfactory

bond behavior.
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6.6.4 Transverse Joint Shear Reinforcement

The amount of Jjoint reinforcement required in an interior
beam-column Jjoint 1is closely tied to the joint shear stiffness
deterioration to be permitted. Transverse joint shear reinforcement
helps to control shear cracking in the joint after the cracking limit
is exceeded, and thus limits shear stiffness losses. If the joint
shear stress levels are kept moderate, however, it is likely that the
only the steel necessary to properly confine the joint is required
for satisfactoty performance. To reach the range of shear stresses
associated with low amounts of transverse steel and good performance,

the column size would need to be increased.



Chapter 7

Preliminary Design Approach for Beam-Column Joints

in Moment Resisting Frames in Seismic Regions

7.1 Introduction

In this chapter a design approach for proportioning beam-
column joints is developed. The approach is based on the results of
experimental studies which have shown that many of the variables
which govern joint behavior are controlled directly or indirectly by
the column., If the size and strength of the column were sufficient,
and if an adequate amount of transverse shear reinforcement were
placed in the Jjoint, the specimens tested developed adequate energy-
dissipation capacity. On the basis of this and other test series

e b
(107, 73, 74, 291 the approach wiliiUSe capacity design principles

[75, Park75] to find limits on the reinforcement ratios of beams and

columns.

In developing the design approach, it is recognized that
shear and bond requirements for the joint may be satisfied if the
column is large enough. Therefore, joint shear and bond requirements

are introduced at the time 1initial proportioning of the main

257
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structural members is made. Limits for the column and bean
reinforcement are then obtained for a particular joint geometry.

Numerical examples are worked out and discussed.

The empahsis is on unifying the flexure,shear, and bond
requirements for beam-column joints in momenti-resisting frames into a
single design approach, and to incorporate them as early as possible

in the frame design process.

7.2 Evaluation of Parameters Governing Design

The design of structures in seismic areas is governed by
limit states. The three most commonly accepted limit states in

earthquake design are:

1. A structure must survive a moderate earthquake with no
structural damage and only limited non-structural damage.

2. A structure must survive a large earthquake with little
and repairable structural damage, while the non-structural
damage can be substantial.

3. A structure must survive the maximum credible earthquake
at the site without collapsing. The building may be

unusable after the earthquake, but no loss of life must
occur due to structural failures.

The collapse mechanism for a moment resisting frame can be
predicted by plastic design procedures [75]. If the local mechanisms
of failure (shear and bond) are avoided, then the collapse load is a

function of the flexural strength and plastic rotational capacity
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(detailing) of the flexural members. If it is assumed that in moment
resisting frames the dissipation of energy, and thus the seismic
performance, 1is a function of the ability of the structure to form
plastic hinges in the proper locations (beams adjacent to the joint
and lower story columns), then proper seismic performance depends on

satisfying the following equation at every joint:

M > Z Myeams (7.1)

column

where IM is the sum of the flexural moment capacities of the

column
column above and below the Joint, and szeams is the sum of the
flexural capacities of the beams framing into the joint when the
subassemblage is subjected to 1lateral 1loads. It must be clearly
understood that this is valid only if shear and bond failures can be
prevented. Thus, merely satisfying equation (7.1) will not insure
adequate seismic performance. The magnitude of shear and bond
stresses must also be kept low so that mechanisms involving shear and
bond do not have a significant effect on structural performance. It
must also be recognized that there are limits, both structural and
economic, to the means by which shear and bond deterioration
mechanisms can be prevented. Sufficient deformations can always be
applied to a structure or subassemblage to produce such
deterioration. However, measures can be adopted which will delay or
decrease the influence of such mechanisms within the range of

deformations anticipated for a particular limit state.
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A rational design for Joints in moment resisting frames must

therefore include the following restrictions:

1. Low shear stresses to avoid a sudden, brittle failure of
the structure.

2. Low bond stresses in the beam bars through the joint to
prevent large losses of stiffnesses and instability of the
structure.

3. Moment capacity ratios large enough to insure that the

hinging occurs in the beams and no significant
inelasticity is shifted to the columns and joints.

It is clear that all these restrictions are not independent
of one another. The parameters involve geometric considerations
found to be important in the experimental work described in the
previous chapters. Thus it should be possible to unify all these

requirements into a single design approach.

7.3 Selection of Governing Parameter

It has been shown by this study that the geometry of the

Jjoint can have a significant effect on joint behavior. Other tests
[73, 106, 311 have shown that very different 1levels of joint
performance can be obtained when moment ratios are changed. Such
knowledge can be used to develop a design approach that satisfies all

the requirements outlined in Section 7.2.
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7T.3.1 The Moment Ratio

The moment ratio criteria described by equation (7.1) can be

rewritten as:
[ EMC / sz ] > 1.0 (7.2)

While satisfying this equation for static loads presents no problems,
the situation under dynamic loads is very different in reinforced
concrete buildings. Large ductility demands and load reversals such
as those produced by a major earthquake are associated with extensive
flexural cracking of the beams and columns, shear cracking of the
beams and joint, bond deterioration and yield penetration through the
joint area, and possibly spalling and crushing of the cover of the
structural members. Thus, as a building deforms during an earthquake
the values of the flexural capacities of its members change. The
designer's task is to insure that even under the maximum credible

earthquake the moment ratio does not fall below 1.0.

The easiest way of insuring adequate behavior under an
uncertain set of loads such as those produced by an earthquake is to
assume a factor of safety ( "B" = the moment ratio). Applying this to
(7.2), and recalling that for a typical joint thé column must be

stronger ;han the beams, we obtain :

[>M, /> M 1 >8 (7.3)

To satisfy this equation as the moment ratio is increased the
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designer has three options. The first is to maintain the column size
and increase the column reinforcement ratio. The second is to
increase the column size and keep or decrease the column
reinforcement ratio. The third, and most common solution, is to use
a combination of the first two. Recalling that for ductility
considerations the column reinforcement ratio should be kept low, it
is likely that most designers will choose to increase the column size
over the reinforcement ratio. The effect of increasing the moment
ratio on construction costs and structural behavior are briefly

reviewed next.

7.3.1.1. Effect on Construction Costs

The effects of increasing the moment ratio on construction
costs are not clear. Increasing the column and beam sizes obviously
increases the concrete but decreases the steel requirements, which
may tend to compensate . The initial cost of formwork will obviously
increase, but the reusability of the forms might limit the impact of
form costs. On the other hand larger joints are less congested, and
therefore easier to fabricate and to cast. The saving in field labor
thus obtained may more than offset the increased cost of materials.
It must be recalled that the overall cost of materials in a large
project probably does not exceed 10% to 15% of the cost of the
structure. Changing the material quantities slightly will not result

in significantly more expensive structures.
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T7.3.1.2. Structural Effects

The effect on structural behavior of imposing a moment ratio
are twofold. First, it reduces the likelihood of a column failure.
Second, and perhaps more important, it decreases the possibility of
local failures in or near the Jjoint. By increasing the column
size,the average shear stress in the joint will be reduced and the
bond conditions improved. Increasing the moment ratio meets all the
requirements established for selecting a parameter on which to base a
design procedure. Selection of appropriate values of the moment ratio

is described next.

7.4 Determination of the Beta Factor

7.4.1 Experimental Data

The determination of a numerical value for the moment ratio
is not a simple task. The results of past research, summarized in
Table T7-1, indicate that sufficient data is available for moment
ratios between 1.0 and 2.0 . The data presented in this table refers
to interior beam-column connections with beams bars having an
anchorage length at least equal to 15 bar diameters and with columns
of at least 12 in. minimum dimension. These two limits were imposed
to insure that bond conditions and scale effects would not influence
the data. Bars anchored in interior Jjoints need at least 15 bar

diameters to withstand several cycles of inelastic loading; anchorage
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lengths smaller than these will lead to premature bond failures or
large bar slips., When the columns become smaller than 12 in., the
specimens tested generally represented one-half to one-third scale
models; the bond conditions in these test depend heavily of the
details of the bar 1lugs, on the bar diameter, on the concrete
properties, etc. Tests on very small specimens tend to show better
behavior and more scatter than larger specimens do; it was decided to
ignore such tests so that the data would represent more realistic,

more severe bond conditions.

In Fig. 7-1 the moment ratio is plotted against the
volumetric reinforcement in the joint for 39 beam-column joint tests.
The performance of each specimen is classified as poor, acceptable,
or excellent (See last column of Table 7.1) The criteria used to
classify these test was based on the performance of the joint at the
second loading cycle at an interstory drifts of about 2%. The
specimens classified as poor showed some strength 1loss, 1large
stiffness loss, and evidence of bond distress at this stage. Typical

load deformation curves for these tests are shown in Fig 7-3.

Those classified as acceptable showed some degree of
deterioration insofar as stiffness and strength were concerned, but
showed 1little or no bond deterioration. Those classified as
excellent showed non-deteriorating hysteretic behavior, and withstood

drifts of 4% without failing. Obviously the scale is subjective, but
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no other satisfactory technique could be found to compare tests run
under very different 1load histories. Obviously the correlation
between test performance desecribed in Table 7-1 and the limits drawn
in Fig. 7-1 1s adequate but not outstanding. The reason for this is
that most of these tests had other variables ( axial load, presence
of stub beams, transverse joint reinforcement, etec.) whiech influenced
their behavior. The trends, however, are clear and excellent

correlation should not be expected.

The parameter chosen for the horizontal axis is the amount of
Jjoint shear reinforcement. This is defined as the volume of steel in
a given distance through the Jjoint divided by the volume of the
confined concrete over the same distance. Past research has focused
on this as the key parameter for joint design. Fig. 7-1 clearly
shows that good performance can be obtained utilizing low volumetric
reinforcement ratios if the moment ratio is 1large enough. By
increasing the moment ratio, the problems of congestion in a beam-

column joint could be minimized.

The data presented shows that in general as the moment ratio
increases, the overall behavior improves. The tests by Bertero [107]
clearly show that good behavior can be obtained if the moment ratio
is very high. The specimen behaved as expected, and no column
inelasticity or cracking was observed. Due to the low shear stresses

present in the joint, no visible shear cracking occurred and thus
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deteriorating behavior was kept to a minimum. It was noted, however,
that even with anchorage lengths of about 22.3 times the beam
flexural bar diameters, bond deterioration and slip will occur with

cycling at large deformations.

The data from Wight [29] shows that the combination of
moderate moment ratios (1.2 to 1.3) and nominal shear stresses (10 to
15’{?30) begins to produce some undesirable joint behavior. Losses
of strength and stiffness were evident at equivalent deformations for
most tests. The losses, particularly stiffness losses, were not as
high as for the BCJ series described here, where low moment ratios
( 1.1 to 1.3 ) and very high shear stresses ( over 25 ”{;:c) led to

very poor behavior.

The tests from New Zealand [73, T74] show that for similar
specimens ( same level of nominal shear stress, but different moment
ratios and axial load levels )} very striking differences in behavior
can be obtained. The test by Gaerty [73] points out that even at
moderate nominal shear stress levels ( 10 to 151f?70 ), a low moment

ratio can lead to undesirable behavior.

The dotted lines in Fig. T7-1 show the authors interpretation
of the 1limits to be used in design. The 1.0% volumetric ratio
represents an absolute minimum to insure some confinement of the

joint. This requirement must be tied to one specifying the maximum
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bar spacing allowed without intermediate ties. Joints with
intermediate ties have been hypothesized to provide better behavior
than those without them, due to the better confinement provided by
the latter. The 1.15 minimum moment ratio again represents a lower
limit, and is intended to insure against wide variations in assumed
and actual material properties. The tests discussed above clearly
show that poor behavior is to be expected with low moment ratios
unless very large Jjoint reinforcement ratios are present. The
inclined lines separating excellent, acceptable, and poor behavior
are drawn somewhat above what the actual data shows, and are intended

to be used as design limits rather than as a best fit to the data.

Figure 7-2 shows a similar plot , but the horizontal axis has
been changed to the nominal shear stress on the joint area. It is
clear that good performance can be achieved if the shear stress level
is kept between 10 - 151@30. values commonly suggested as the limit
in the more conservative codes [96, T7]. While these values are
reasonable for low moment ratios, detailed examination of the
experimental data shown in Table 7-1 will lead to the conclusion that
these values could be increased to 15 to ZOJ?TC as the moment ratio

increases from 1.5 to 2.0.

Unfortunately not enough data is available to make the
relationship between moment ratio, amount of volumetriec joint

reinforcement, and nominal shear stress levels clearer than described
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above. The limits shown in Fig. 7-1 remain open to revision, but he
author believes they are well within the bounds most researchers

would consider acceptable.

From Figs. 7-1 and 7-2, it is clear that Joints with moment
ratios between 1.0 and 1.2 exhibited generally poor performance
unless the shear stresses were low. Many researchers [50, 29] have
reported that shear failures have occurred in tests with low moment
ratios. However, most of this data needs to be reevaluated in light
of the results reported herein and by Wight [29, 31]. It was shown
in those studies that large bond stresses contributed significantly
to the deteriorating behavior exhibited by specimens with low moment
ratios. Due to the complex state of stress in a joint, it is
impossible to separate the effect or relative contribution of each of
these mechanisms ( flexure, shear, and bond). The reader must bear
in mind that since all the mechanism are related, the best solution

to avoid deterioration may be to increase the moment ratio.

Reports from tests at the other end of the spectrum { moment
ratios equal to or greater than 1.8) indicate very good behavior with
little if any deterioration in strength and stiffness even under
large deformations. Test with moment ratios between 1.40 and 1.8
indicate behavior somewhere between the two extremes. Thus the
designer can obtain a wide spectrum of structural performance by
adjusting the the moment ratio used and providing only minimum of

joint reinforcement.
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T.4.2 Conclusion form BCJ Test Series

The moment ratios used in the test series reported herein
ranged from 1.13 to 1.28. As noted before, most of them displayed
poor hysteretic performance and serious strength deterioration.
Since the specimens were loaded biaxially, it is clear that the ratio
decreased faster than under uniaxial loads, due to the crushing and
spalling that occurred at the opposite corner of the joints along the
diagonal loaded. The strains in both the concrete and steel are
probably higher for the biaxial case than in the uniaxial case, and
resulted in a faster loss of column flexural capacity with increasing

deformation,

It is quite 1likely that at the latter stages of several tests
the moment ratio dropped below one, since considerable column
inelasticity and loss of stiffness occurred. This is particularly
evident in specimens BCJ11, BCJ8, and BCJ9 after the first excursion
at the second deflection level (drifts of about 4% ). If the very
large ductility demands imposed on these specimens is taken into
account, it can be said that most exhibited poor to acceptable
- behavior for drifts below 2%. The exceptions were test BCJ11 and
BCJ14; In BCJ11 the small framing beams did not provide adequate
confinement to the Jjoint, and the resultant spalling of the column
corner sections led to a moment ratio lower than one. The anchorage

failure in BCJ # 14 occurred before significant inelasticity could be
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observed in the column. The behavior of BCJ11 clearly shows that
unless the Jjoint face 1is masked by the framing beam over more than
75% of its area, the effect of confinement from framing members is

lost and should not be counted in design.

T.4.3 Structural Considerations

In selecting the desired level of performance for the joints
in a ductile moment resisting frame, both the importance of the
structure and the type of structural system to be used must be
considered. Obviously, when designing a hospital or other lifeline
facility, a large moment ratio is needed. On the other hand, for a
warehouse or small office building the moment ratio would be smaller,
according to the 1level of acceptable damage at different 1limit

states.

The same reasoning must apply to the redundancy of the
structural system. If the frame is to carry all the loads and no
secondary system is available once the primary system is lost, then
the the moment ratio ought to be very large. If the frame is to act
as a secondary system to a set of shear walls, then the moment ratio

could be substantially lowered.
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7.4.4 Current Design Values

The use of a moment ratio greater than 1.0 had not been
incorporated into design codes until very recently. Most past codes
[3, 6, 2] only specified that the moment ratio had to be greater
than one. The new ACI Code [5], in Appendix A, Section 4.2.2,
requires that the ratic of the column-to-beam nominal flexural
capacities be greater than 1.20 . In the new ACI-ASCE Joint
Committee 352 Recomendations, still under balloting, consideration is
being given to a moment ratio of about 1.40 . Both of these are
based on engineering judgement , experimental data and field
observations after past earthquakes. Although the ATC3-06 1lacks
specific recomendations for the the moment ratio factors to be used
in joints, it is applied implicitly through the use of overstrength,

importance, and structural system factors.

T.4.5 Suggested Values for the Moment Ratio

Careful study of the data in Table 7-1 indicates that
reasonable values of the moment ratio should fall between 1.2 and 1.8
depending on the importance of the structure and the structural
system. Since the design approach is based on selecting a value of
the moment ratio, suggested ranges are shown in Table 7-U4. The
values suggested are in increments of 0.20, but any value in the
range suggested may be used if it can be shown to be reasonable for

that structure.
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Importance(l) Zone(2) B (3)

1.5 3 1.8
1 2 1.6
1.0 3 1.6
1.0 2 1
1 1 1
1.0 L 1.2

Importance factor according to SEAOC Code

Zone factor according to SEAOC Code

Suggested value of moment ratios for structures
with K = 0.67 according to SEAQC Code Structures
with K = 0,80 should be designed for a moment ratio

5f 0.20 less than those 2f K =0, 67.

Table 7- : Suggested values for
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7.5 Proposed design approach

7.5.1 Background

In the previous section it was shown that the moment ratio
can be selected as the key parameter in the design of beam-column
joints. It is clear, moreover, that the size of the column determines
the size of the joint and , indirectly, the width of the framing
beams. Thus in any rational design approach for the design of beam-
column joints a criteria involving moment ratios must be included in
the preliminary design stage. The procedure proposed here is
intended to give the engineer an idea of the preliminary sizes and
reinforcement ratios to be used. A final check of the actual section
capacities and the behavior of the complete structure under dynamic

loads is obviously required.

7.6 Basis for Design Approach

The design approach to be proposed here is based on the
acceptance of two concepts. The first is that the moment ratio can
be utilized as the key design parameter to obtain any desired level
of performance. Previous sections in this chapter have already
proven this point. The second concept is that we must insure that
the Jjoint and columns remain in the elastic range as 1long as
possible, even in the event of a major earthquake [75]. This second

concept is an essential feature of the moment resisting frame design
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philosophy as discussed in Chapter 1, and thus needs no further

discussion.

The development of the design approach, however, requires
that some choices be made with regard to the overstrength of the
columns with respect to the beanm. Since the intent is that the
columns should remain elastic as 1long as possible, all the
assumptions made in the development of the design approach will tend
to underestimate the column capacity and overestimate that of the
beams. Two approaches are possible, in principle, to the problem of
insuring column overstrength even under very large earthquakes. The
first is to design the columns according to working stress principles
and the beams according to ultimate strength ones. This approach is
impractical and inconsistent. The second approach is to design both
the beams and columns according to ultimate strength considerations
but to use a very low "phi factor" for the columns with respect to
the beams. Ideally this will lead to the columns working in the
elastic range under service loads and moderate earthquakes, and
undergoing only some limited inelasticity under 1large earthquakes.

This second approach is the one to be followed here.

Once the need for a substantial column overstrength is
understood, the rest of the development of the design approach
simplifies to finding expressions for the flexural and shear capacity

of the sections involved. Once the flexural capacity of the members
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is known, a relationship between the reinforcement ratios for the
beam and the column can be found by using Eq. (7-3). Then the
limiting values for the beam reinforcement ratio have to be checked
against those provided by the shear and bond provisions. The intent
of the procedure is to find the limiting values of beam and column
reinforcement ratios associated with the limits for moment ratios,
shear, and bond conditions found to have given the best performance

in past tests.

The development of this design approach thus requires two
steps. First, equations for the moment capacity of the members are
developed. Second, 1limits on the moment capacity equations are
established by shear and bond conditions. A number of approximations
will be made in order to simplify the procedure. In most cases these
approximations are conservative and of the nature commonly made in
design. The intent of the procedure is guide the design towards
section sizes and reinforcement ratios that have been found to
perform well as evidenced by experimental, analytical, and field

observations.

7.7 Derivation of Equations

The complete derivation of the following equations is given
in Appendix E. Only the most important equations will be repeated

here. The following symbols will be used :
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bp = width of the beam , in.

hy, = depth of the beam, in.

Pt = positive steel reinforcement ratio, %

Qt = negative steel reinforcement ratio, %
. + -

¢ .= summation of < Qt> + <Et>

§ = yield strength of beam steel, ksi

Mh £ summation of beam capacities, kip-in
’

o
n

width of the column, in.

=2
n

depth of the column, in.
@tc= column reinforcement ratio, %

ratio of axial load present to
maximum allowable axial load

~~
o
o
e .
A d
'll

(M /M )= ratio of moment in x-direction
y ® to moment in y-direction

= summation of column moment capacities, kip-in
= yield strength of column steel, ksi

= compressive strength of concrete, k si

d, = reinforcing bar diameter, in.
n 2 2
w= [ h, b, / hb by ]

r= [ h, b, / hy by ]
1ne derinitions are illustrated in Fig. T-4.
The equations will be developed separately for the case of

uniaxial and biaxial loading. The procedure requires the use of the

equations for biaxial loading when the ratio of the smaller to larger
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moments required in two perpendicular directions exceeds 0.25 (See

Fig. T=4 ).

7.7.1 Uniaxial Loading

T.7T.1.1. Beam Flexural Strehgth

The summation of the positive and negative beam moment
capacities at the two faces of an interior beam-column joint can be

approximated by:
- 2
ZMb,u = 0.87 Peb hb bb fy (7.4)

The effect of the presence of a slab or other floor members that may
contribute to the beam flexural strength will be ignored in this

development.

T7.7.1.2. Column Flexural Strength

For the region between the balance and =zero axial 1load
points, the uniaxial moment capacity of a column section at a joint

can be approximated by:

- 2
ZMu,c = 1.7% h = b, K (7.5)

where,

K = [0.45 + 159tc] [0.40 + 0.15f'c] (7.6)
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T.T.1.3. Flexural Reinforcement Limits

Substituting the two equations derived for the beam and
column moment capacities, into Eq. (7.3), and rearranging terms, we

have :
Pep <L 140K hy © / Bhy fy] (7.7
where the geometric parameter [ °~ has been defined as :
r= [ hC bC / hb bb ] (7.8)

“T" is the ratio of the gross area of the column to the gross area of
the beam.

Thus for a given set of material properties ( f'c and fy )
and a relationship between hc and hb, this equation fixes the limit
for Pib given any Pic- This latter term 1is included in the

expression for K.

T.7.1.4. Joint Shear Capacity

The Jjoint shear strength for uniaxial loading will be assumed
to be 204?}0 . Reducing this value by 0.70 to account for cyclic

loading, and rearranging terms we obtain :

Pep < 11,2 £y '/ fy (7.9)
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7.7.1.5. Bond Stresses

To insure that bond deterioration and bar slippage do not
govern the behavior of the beam-column Jjoint, the following 1limits

will be imposed on the joint size :

he > 24 dlargest beam bar (7.10)

and,

hb > 24 dlargest column bar (7.11)
7.7.1.6. Geometric Considerations

As explained in Appendix E, the minimum beam width shall be
taken as 0.60 times the column width, and the beam depth shall be
taken as 1.15 times the column depth. Substituting these values into

Eqs. (7.7) and (7.9), we obtain the following limits for pyy
Pgp < 0.0292 K / B (7.12)

and,

The fact that Eq. (7.13) gives a maximum allowable Pip for a
given concrete strength, also put a limit on the amount of Pio
allowable. By equating Eqs. (7.12) and (7.13), and solving for K, we

have :

K < 0.0092 Bt (7.14)

or substituting for K from eq. (7.6), we have:
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[0.40 + 158, ] < 0.0092 Bf', hy / [0.40 + 0.15¢' 1 h, (7.15)

Thus we have found 1limits for both the beam and column
reinforcement ratios as the procedure requires. The equations
contain only the 1limits given by flexure and shear, since bond
conditions only put a limitation on the size of the bars that are

allowed in either structural member.

7T.7.2 Biaxial Loading

The procedure to be followed for biaxial loading is the same

as that outlined above for the uniaxial case.

7.7.2.1. Beam Moment Capacity

The moment capacity of the beams is the same as given by Eq.
(7.4), but the designer must be careful to always use the larger of

the two perpendicular required moment capacities in his design.

T.T.2.2. Column Moment Capacity

The column moment capacity is the same as that given by Eq.
(7.5), except for the fact that the the moment capacity of the column
needs to be decreased to account for biaxial effects. It was found
that a good approximation to the biaxial moment capacity of a column

could be given by dividing the uniaxial moment capacity by:

© = (1.25 + 1.2 [P/Py1)(0.55 + 0.45[My/M,1)(1.00 + 10py()(7.16)
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Since both this expression and K contain the term Prer @ new

quantity was defined to collect all the other terms, as :

Q = B[1.25+1.2(P/P,) 110.55+0.45(My/M,) 1/[0.40+0.15£! . (T.17)

7.7.2.3. Joint Shear Strength

Since the Jjoint will be confined by framing beams on all

sides, the allowable joint shear strength has been increased to 24
'ﬁETC. Taking the usual 0.70 reduction for ecyclic loading, a 0.7
reduction for biaxial effects, the 1limit for the beam reinforcement

ratio is given as:

Ptp < 9.5 f'g T 7/ £y (7.18)

T.7.2.4, Geometric Parameters

For the case of biaxial loading, the minimum beam width was
fixed as 0.75 times the column width, while the ratio between the
beam and column depths was maintained at 1.15 as for the uniaxial

case.

T.7.2.5. Synthesis

Substituting the values of the geometric parameters discussed
into the limiting equations as done for the uniaxial case results in

the following limits for the reinforcement ratios:
Pio < 0.,0233K/ B 0O (7.19)

Pro < 0.00018VE', (7.20)
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K < 0.00771', B © (7.21)

These three equations represent the limits for reinforcement in the

beams and columns for the biaxial loading case.

T.7.3 Discussion

The significance of the equations derived above is shown in
Figs. 7-5 and T7-6. For the case of uniaxial loading, it is clear
that the shear requirements impose a 1limit not only on the beam
directly, but also for the column indirectly. Thus, if the moment
ratio of 1.6 and f'c = 4000 psi are chosen, the column reinforcement
ratio must be less than 3.0%. Thus, for a given the moment ratio the
designer 1is already constrained in selecting the amount of steel in
the column. For economic reasons the use of as large a column
reinforcement ratio as possible is desirable. Fig. 7-5 gives us a
starting point for the design approach. Note that most columns will
need to be designed in the 2% to 3% range; if the designer feels that
it is economical, he can obviously <choose a 1lower column

reinforcement ratio.

For the case of biaxial bending, flexure tends to control.
Shear will be the limiting factor only if & becomes less than 2.0 .
This is the case only for unimportant structures in low to moderate

seismic areas or for dual system structures of some importance in

areas of high seismic risk. For most cases flexure will control
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because the reduction in moment capacity can be substantial for the
biaxial case ( almost 50% for heavily reinforced square sections
loaded along the diagonal ). For the case of biaxial loading, then,

the starting point will be given by Fig. 7-6.

The most important conclusion to be drawn from these two
figures refers to the very low reinforcement ratios allowed in the
beams, particularly in the biaxial case. The vertical axis refers to
the sum of both positive and negative steel, and thus it is clea}
that for the uniaxial case that corresponds to about 60% of "rho
balance", while for the biaxial case it is only about 35% of "rho
balance" ( fy = 60 ksi and f', = 4 ksi). From the structural point
of view, this has two effects. The first, and very beneficial
effect, is that the ductility of these members will be very large if
the proper detailing is carried out. The second, and potentially a
damaging one, is that the dead load of the structure will increase.
This second effect is particularly important because the mass of the
structure will influence significantly its dynémic characteristics.
However, the additional mass will come from the larger beam widths
required by this procedure. This increase will probably be reflected
in only a 5% to 10% increase in overall dead load, since most of the
latter comes from the floor system and other non-structural elements
rather than from the main frame. Thus the increase in mass cannot be

considered a serious drawback of this procedure.
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Another important feature of the procedure, and particularly
of the biaxial case, is that it forces the designer to use large
column reinforcement ratios in order to keep the beam reinforcement
at a practical level. The ductility of columns depends both on its
detailing and reinforcement ratio; it is quite possible that for the
lower story columns, where hinging under extreme loading may be
expected, special detailing would be required to insure the necessary

column ductility.

T.7.4 Minimum Transverse Steel Requirements

The satisfactory performance of beam-column joints requires a
minimum amount of steel in the joint to provide adequate confinement
to the core concrete and to improve the bond characteristics of the
column bars. It is felt that the new provisions for confined joints
given by Appendix A of the ACI Code [5] are adequate to guarantee
good performance. The amount of transverse steel required will be

for both uniaxially and biaxially loaded joints:

Ash = 0.15[shf'ch"/fy][ (Ag/Ac) - 1.01] (7.22)
or,
Agp = 0.045 [ Ssh f'c h" / fy ] (7.23)
where,
- Ash = area of steel required in the joint, in.2
- f', = concrete compressive strength, ksi.
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- fy = steel yield strength, ksi.

- S5y = spacing of joint ties, in.

- A 2

g

_Ac

gross concrete area of column, in.

2

confined area of the column, in.

7.8 Iesign Approach

The intent of this procedure is to limit the shear and bond
stresses in the Jjoint to within values found by experiment to give
good performance under severe cyclic loads. To accomplish this a
moment ratio parameter is specified in design, and the size of the
beams and columns fixed accordingly. Most design procedures do not
take the joint into account until the sections have been designed.
The joint is then reinforced with transverse steel to help it carry
the computed shear forces. The proposed design approach does not
consider the Jjoint steel to be carrying any shear and should produce

joints which are less congested and perform better.

The equations developed above can be transformed into a

design approach by utilizing the following steps:

1. Select value of B8 from Table T7-2 . This is a straight
forward choice involving only the importance and location
of the structure. '

2. Compute the required moment capacity for the column. For
the uniaxial case this requires the multiplication of the
required beam moment capacity by p. For the biaxial case,
it requires the multiplication of the required beam
capacity by B, by © to account for biaxial effects, and



to divide it by [ 1.00 + 1C. o ]1; the latter is required
because at this stage we have not yet selected a Pior SO
we need to leave this term out of the equations.

Find the maximum reinforcement ratios allowed for the
columns and beams.. These quantities are given by Egs.
(7-12, (7-13), and (7-14) for the uniaxial case and Egs.
(7-19), (7-20), and (7-21) for the biaxial case.

Assume a column reinforcement ratio. This should be as
low as practically possible, but always at least 0.5% less
than the one given by the limiting equations ( Eq. (7-14)
for the uniaxial and Eq. (7-2D for the biaxial case) ).
This not be true if we are dealing with a large moment
magnification factor (MFR), and the 1limiting value is
given by 4%.

Find the required column size, as given by Eq. (7-5).
Remember that the equations were developed for the case of
square columns, so that h, is equal to hb' Recall also
that Eq. (7-5) will underestimate the moment capacity at
the balance point by about 10% and overestimate the one at
the zero axial load by the same amount. The designer is
encouraged to use this information to save himself some
iterations and thus converge to a satisfactory solution
faster.

From a handbook or set of tables, select a column with
dimensions and reinforcement ratio similar to the ones
computed in steps 4 and 5 above. Compute the moment
capacity of the section selected, and check that the
actual = for the selected column is close to the

originally assumed in the design If this check fails, go
to step 4 and select a higher column reinforcement ratio.

For the actual p used, calculate the limits of Pip @s
given by Egs. (742) and (7-19. Calculate the dimensions
of the beam by using the assumed ratios of beam-to-column
width and depth.

Select a beam size and reinforcement close to the values
computed in step 7, and check that the beam moment
capacity is close to that assumed initially in the design.

Check the bond conditions. If the column bars are too big
go back to step 5 and select a section with smaller bars.
If the beam bars do not meet the requirements go back to
step 7 and select a different beam bar size.

294
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10. Calculate the required transverse reinforcement as given
by Egs. (7-22 and (7-23) . and check shear stress level.

The design approach is outlined in Fig. 7-7, and two design examples
are summarized in Table 7-3. The complete solutions are shown in
Appendix A comparison of the results given by this procedure and
those obtained by Bertero at el [Zagajeski77] for a complete frame
are shown in Fig. 7-7. It should be noted that the two procedures
give very similar size columns, but that the beam widths are much
larger for this procedure. This is due to to the 1limitations in

geometry assumed in the proposed design approach.

7.9 Evaluation and Comparison of Design Approach

The design approach proposed above differs from those
discussed in Chapter 2 in two significant aspects. First, it assumes
that in general flexural rather than shear strength should govern
design. Second, it emphasizes the fact that the joint will control

the size of the beams and columns in moment resisting frames.

The idea that flexural rather than shear strength should
control design is based on both experimental evidence and analytical
techniques. Few researchers have been able to obtain a true shear
failure of a Joint. In general, bond conditions and flexural
cracking at the beam-column interface decreased the strength and
stiffness of the subassemblages drastically before the shear

deterioration of the Jjoint became significant. More importantly,
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Find limits for p and p,, from design figures ( Example, Fig. 7-7)
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-
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Figure 7-7: Qutline of design approach
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Example # 1 Example # 2
Given Z2=3 2=3
I=1.5 I=1.5
K = 0.67 K = 0.67
M = 15,000 kip-in. M = 15,000 kip-in.
f = 60 ksi f = 60 ksi
y y
f'= 4 ksi f = 4 ksi
c c
P=0.2°P P=0.2P
u u
Uniaxial loading Biaxial 1loading
Select B B=1.8 (Table 7.2) B = 1.8 (Table 7.2)
Find P.. = 0.0171 ( Fig. 7-6) p,, = 0.0099 (Fig. 7-7)
limits tb tb
p,. = 0.0300 ( Fig. 7-6) p... = 0.0400 (Fig. 7-7)
tc tc
Select Pec P = 0.0250 Pic = 0.0300
Find column hc = 29.95" hc = 36.26"
size and
reinforcement 28" x 28" 36" x 36"
16 # 10 bars ( 2.59%) 16 # 14 tars ( 2.80%)
Check Mc = 13090 kip-in. Hc = 36,500 kip-in.
B=1.74 , O.K. B=1.76 , 0.K.
Find beam 18" x 32¢ 28" x 42"
size and
N 6 # 8 top o 8 # 6 top
reinforcement 7 # 6 bottom (1.51%) 8 # 6 bottom (0.0065)
Find
tranverse 3 # 4 at 4" 3 # 4 at 4"
reinforcement

Table 7-5:

Design Examples



Beam Size Coi. Size Col. Reinf.
14" x 28" -
26" x 26" | 8 # 10
15" x 30" -
26" x 26" | (8-12) #10
15" x 30" - .
28" x 28" | 12 #10°
16" x 32"
28" x 28" | (12-16) #10
16" x 32"
30" x 30" | 16 #10
17" x 34"
30" x 30" | 16 # 10
17" x 34"
32" x 32" | 16 # 10
17" x 34" : i
329 x 32 | (16-20) # 10
17" x 34" '
N 34" x 36" | (20-32) # 10
"y 34
L34 x 3 | 32 #10
S

(a) Bartero & Zagajeski

Roof

(10)
9)
(83
)
(6)
(5)
@
(3

(2)

Col. Reinf. Col. Size
2" x 22" | 4 # 10
28”.x 28" | (4-12) # 10
28" x 28" | 12 # 10
28" x 28" | 12 # (10-11)
52“ x32"| 12411
32" x-32"| ( 12-20) # 11
3?" x 34" 20 ¢ 11
34" x 34" 1 20 # 11

.34" x 34"} (28-20) # 11
34" x 34" 28 # 11
TTTTITT777

(b) This procedure

Note : Assumad B = 1.6, I= 1.0, K=0.67, M /M = 0.9, B/p = 0.2,
b= 0.75 b, , £ 60 kei, £'= 4 kei, B = 1.8 (first story)
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Beam Size
18" x 24"

21"

21"

21"

24

24"

28"

28"

28"

28"

32"

32"

32

38"

38"

x 38"

x 38"

x 38"

x 38"

Number 1in paranthesis refer to a change {n reinforcement st midheigth. Thus
(20-32) # 10 indicates a transition ‘from 32 to 20 # 10 bars.

Figure 7-8 : Comparison of member sizes and reinforcements
given by this procedure and those given by an

optimization solution by Bertero and Zagajewski

(Ref. 112)
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there is considerable evidence that the subassemblages that performed
better under cyclic load were those having moment ratios greater than
1.50 . While increasing the amount of steel in the joint delayed
deterioration, it clearly could not prevent it if a large number of
cycles or 1large deformations were imposed. Evidence from field
observations after past earthquakes shows that there are few
documented cases of true joint shear failures. The most common source
of Jjoint failures are inadequate materials or poor detailing
practices. If the latter two can be avoided, and the shear stress
levels are maintained within the limits specified in Section 7.7.1,

then it is likely that shear will not control design.

Several limitations to the procedure proposed above must be
noted. The most important is the dependence of the equations on the
geometric ratio of Eq. (7-8) . While the value of 1.00 for biaxially
loaded Jjoints 1is probably quite accurate, the 1.20 wused for
uniaxially loaded Jjoints is open to debate. More research in this
area is needed, since a small variation in the geometric ratio can
cause large changes in beam reinforcement percentages. This is a
particular problem for‘uniaxially loaded joints because the research
summarized in Table 7-1 shows that the geometric ratio becomes less
and less important as the joint increases in size. Tests with
geometric ratios as large as 2.0 and as small as 0.80 have shown

satisfactory performance if the moment ratio was high ( >1.5 ).



300

Another 1limitation is that the procedure was derived for
interior beam-column joints only. While similar equations can be
written for external joints, the anchorage requirements for the beam
bars must also be taken into account. There is insufficient data for
behavior of exterior joints with different size framing beams, so a

corresponding geometric ratio will have to be found empirically.

A third limitation is that the procedure as outlined above
may be overconservative. The "phi factor" of 0.7 used for the column
moment capacity combined with the 1.25 overstrength factor used for
the beam steel will result in an initial margin against failure of
about 1.50 even before the the moment ratio is applied. While this
may seem excessive, there are two important mitigating factors. The
first is that the assumed level of axial load can change drastically
during an earthquake . In one side of the building the columns can be
subjected to tension, while at the other side the compression load
may exceed its balance point. In both cases the moment capacity,
depending on the cross-section, can decrease rapidly and thus lead to
an unsafe condition. The other factor to be taken into account is
that beams and columns are generally cast monolithically with floor
slabs. The contribution of the slab and other non-structural
elements to the flexural strength of the beams cannot be safely
ignored. Depending on the reinforcement ratio, the contribution of
the slab may be as large as that of the beam. Ongoing research at

the U. of Texas [55] will provide some insight into the beam-slab
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interaction and help define more accurately parameter such as
equivalent width necessary to take this effect into account. 1In the
meantime it is probably safer to utilize the customary "phi factors"

and maintain a conservative approach.

On the other hand, the procedure outlined above has several
advantages. The main one is that it allows the designer to choose
the level of performance desired with a high degree of confidence,
Through the use of the the moment ratio, the engineer can achieve any
desired type of behavior, a critical concern when Qealing with moment
resisting frames with little or no secondary lateral load-resisting
system. The procedure outlined simultaneously satisfies flexural,
shear, and bond requirements using values associated with

satisfactory performance in past research.

Another advantage 1is that the procedure can be quickly
automated. Thus, it could be added as a subroutine at the end of an
computer analysis program to give immediately preliminary size and
reinforcement ranges. To actually give sizes and reinforcement
patterns the program would need access to a library of column
interaction values. While this may seem cumbersome, only three
values for each column ( balance, no axial load, and O.Tf"cAg ) need
to be stored. This procedure will work well if the program is
designed to be interactive and the engineer can try several solutions

before reaching a final decision.
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A final advantage of the procedure developed above is that it
will help the designer visualize better the interaction of the
different structural requirements (bond,shear, and flexure) . The
procedure clearly shows the significance of the different design
parameters used in the design of beam-column joints and the results :

beams with low reinforcement ratios and flexurally strong columns



Chapter 8

Conclusions

8.1 Summary of Test Program

Eight reinforced concrete beam-column Jjoint subassemblages
were tested to investigate the influence of floor members on their
response under large cyclic load reversals., The tests were divided
into three series. The first dealt with specimens with different
framing beam sizes; the second with specimens with floor slabs; and
the third with a comparison between interior and exterior joints.
The intent was to clarify the effect of different floor member sizes

and shapes on the behavior of these subassemblages.

Typically the subassemblages were 13 ft. high and consisted
of four 13 in. by 18 in. beams framing into a 15 in. by 15 in.
column. They were intended to represent a beam-column joint in the
bottom stories of a moment resisting frame. The structural
components between the midheight of adjacent floors and the points of
inflection along the beams were modelled. The subassemblages were
subjected to a severe load history consisting of 3 cycles at drifts

of 2%, 4%, and 6%. The loads were applied biaxially simultaneously,

303
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and were intended to model the worst loading condition to be expected

from a major earthquake.

8.2 Summary of Results

The test series showed that beam geometry and floor slabs can
have a significantly influence the behavior of beam-column joints.
Severe degradation of stiffness and strength occurred in specimen

with certain geometric characteristies.

8.2.1 Experimental Results

The main conclusion derived from the experimental phase of

the program are:

1. Framing Beam Size -~ Under biaxial loading, the size of the
members confining the joint was very important,
particularly when the beam widths were smaller than 0.60
times that of the column. Except for the case of very
narrow beams, it was shown that the beams can be counted
to confine effectively the corners of the Jjoint, and
therefore prevent substantial changes in the moment ratio
due to cover spalling.

2. Monolithic Slabs - the presence of monolithic slabs was
important because :

- (a) the additional flexural strength provided by the
slab 1is generally not considered in design. The
tests showed that for drifts of 2% or less the slab
and beams acted as a T-section, thus greatly
increasing the negative moment capacity of the beams.
To prevent an early failure or lower moment ratios
than those anticipated, the effect of the slab must
be taken into account in design.

- (b) the slab provided confinement to the upper
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corners of the Jjoint, which increased its shear
strength and prevented spalling at drifts below 2%.

3. Biaxial Loading - For flexural strength design, the test
series showed that biaxial loading of the column and the
accompanying loss of section (spalling) wunder severe
cyclic loading must be taken into account in design. For
shear strength design, the tests showed that biaxial loads
can be safely treated as two independent perpendicular
forces, provided the vectorial sum of the two directions
does not exceed ZMJTWC.

4, Shear Strength - the shear strength of the beam-column
joints tested was very high, The specimens withstood
several cycles at nominal shear stresses higher than those
allowed in practice ( 24-/F'_ ). The amount of shear
introduced into the joint decreased with cyeling, but this
was due principally to bond deterioration rather than to
actual shear strength degradation.

5. Axial Loads -~ the tests showed that for the practical
range of axial loads in moment resisting frames ( below
the balance point ), the effect of axial loads was small,
and therefore would not help the Jjoint appreciably in
carrying the imposed loads.

6. Bond Conditions - the test showed that bond deterioration
and yield penetration are very important mechanisms in
beam-column joint behavior. This mechanisms can lead to
an early failure not anticipated in current design codes
or recommend, and the design engineer should be made aware
of this shortcoming.

8.2.2 Design Recommendations

The results of the experimental work led to the following

design recommendations for interior beam-column joints :

1. the use of small ratios of beam-to-column widths should be
discouraged. For the case of uniaxially loaded frames the
minimum allowed should not be less than 0.60, while for
biaxially loaded frames the minimum should be increased to
0.80.
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2. the use of large ratios of beam-to-column widths should be
allowed only when a detailed analysis, including the
effect of floor members, shows that the column
overstrength is not endangered. If this detailed analysis
is not carried out, the maximum allowable value for beam-
to-column width should be set at 1.20.

3. the effect of the floor slab should be taken into account
when the slab is very thick or heavily reinforced. The
author suggest that until more research clarifies the
issue of equivalent widths, current ACI provisions
defining T-sections be used to calculate the total beam
moment capacity.

L, for design purposes biaxial effects can be treated as
independent, perpendicular forces, except for the flexural
design of columns. For this latter case, a substantial
"phi factor" should be used.

5. the maximum allowable shear stress in monotonically loaded
Jjoints should be fixed at 247?70. If biaxial loading is
likely, this value should be reduced to 1715“0 in each
direction of loading.

6. the maximum allowable shear stress for cyclically loaded
joints should not exceed 0.70 times that assumed for
monotonically loaded ones.

7. the minimum anchorage length for bar across a joint should
be 24 times the maximum bar diameter. This applies to
both the beam and column, although the designer is
strongly encouraged to use larger values for the column
bars.

8.3 Proposed Design Approach

From the experimental work reported herein, and study of
available data on other beam-column joint tests, a design approach
was developed. It was shown that adequate joint performance required
low shear stresses through the joint, favorable bond conditions, and

a column flexural strength considerably greater than the flexural
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strength of the floor members. Frames designed using this design
approach will typically have large beams with low reinforcement

ratios, and square columns with depths similar to those of the beams.

In general shear did not control the design of beam-column
joints. Joints should be designed with flexure considerations in
mind. In the proposed design procedures the contributions of the
concrete strut and the truss mechanism were not separated. 1In fact,
flexure dominated the design to the extent that only a minimum amount
of transverse steel was required to confine the joint for axial

effects and shear.

8.4 Additional Research Needs

Although this experimental work helped clarify some aspects
of beam-column joint design, additional research is needed to improve
design codes and verify the results of the research presented herein.

This is particularly true in three areas:

1. Bond stress-bar slip relationships : much work remains to
be done in this area, both analytically and
experimentally. Current models do not seem to match the
data very well, and 1little is known of what kinds of
limits on bond stresses should be allowable in design.
This is particularly important in 1light of the observed
behavior of column bars that tended to slip at 1levels
below yield.

2. Influence of floor system geometry : although this work
reports on a large test series, the number of available
data for Jjoints with large beams and stiff floor slabs is
scant. More research is needed to fully verify some of



the conclusions presented here, and to extend the proposed
design approach to a larger range of geometries.

Proposed design approach: the proposed design approach
needs to be tried in practice to find out its strengths
and shortcomings. As is always the case in earthquake
engineering some structures will need to be built and
undergo severe seismic loading before deciding whether it
provides a satisfactory design solution.
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